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ABSTRACT

According to data obtained from the National Bridge Inventory (NBI), there are over 12,000
reinforced concrete bridges within the state of lowa on the county road system. Of these 12,000 bridges, over
1,900 are considered structurally deficient based on traditional analytical rating methods. Current rating
practices are based on the procedures outlined in the Manual for Maintenance Inspection of Bridges [1] which
typically underestimate the load carrying capacity of existing bridges. Since the cost of replacing all these
bridges is prohibitive, a procedure needs to be incorporated which gives a more accurate assessment of each
bridges actual safe load carrying capacity. The objective of this research project was to service load testa

representative sample of old reinforced concrete bridges (some them historic and some of them scheduled for
demolition so that individual components could be obtained for laboratory testing) with the results being used
to create a database so the performance of similar bridges could be predicted.

The types of bridges tested included two reinforced concrete open spandrel arches, two reinforced
concrete filled spandrel arches, one reinforced concrete slab bridge, and one two span reinforced concrete
stringer bridge. The testing of each bridge consisted of applying a static load at various locations on the bridges
and monitoring strains and deflections in critical members. The load was applied by means of a tandem axle
dump truck with varying magnitudes of load. At each load increment, the truck was stopped at predetermined
transverse and longitudinal locations and strain and deflection data were obtained. The strain data obtained
were then evaluated in relation to the strain values predicted by traditional analytical procedures and a carrying
capacity of the bridges was determined based on the experimental data,

The response of a majority of the bridges tested was considerably lower than that predicted by
analysis. Thus, the safe load carrying capacities of the bridges were greater than that predicted by the analytical
models, and in a few cases, the load carrying capacities were found to be three or four times greater than
calculated values. However, the test results of one bridge were lower than that predicted by analysis and thus
resulted in the analytical rating being reduced. The results of the testing verified that traditional analytical
methods, in most instances, are conservative and that the safe load carrying capacities of a majority of the
reinforced concrete bridges are considerably greater than what one would determine on the basis of analytical
analysis alone.

In extrapolating the resuits obtained from diagnostic load tests to levels greater than those placed on
the bridge during the load test, care must be taken to ensure safe bridge performance at the higher load levels.
To extrapolate the load test results from the bridges tested in this investigation, the method developed by
Lichtenstein [2] in NCHRP Report 12-28(13)A was used.
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1. INTRODUCTION

1.1. Background

In recent years, due to increases in legal load limits, an increasing number of the
nations bridges need to carry loads greater than for which they were designed. To
accommodate the heavier traffic, many of the bridges have either been strengthened or
replaced. However, in many instances, the heavier traffic has been restricted by load
postings. In the evaluation of these bridges, simplified models or conservative analysis
techniques were used to determine their structural adequacy. Consequently, some bridges
that possessed a reserve load carrying capacity may have been rated structurally inadequate.
To obtain a better estimate of a bridge’s load carrying capacity, nondestructive load testing is
required.

Nondestructive load tests encompass both proof load tests and diagnostic load tests.
Proof load tests are full scale load tests in which the structure remains functional during and
after the test. This type of test consists of applying a target or predetermined maximum static
and/or dynamic load to a given bridge. Testing is terminated when the target load has been
reached or when the bridge begins to experience nonlinear behavior. Typically, the behavior
of the material in the structure remains within the linear elastic range. Results from this test
are used to obtain the maximum static load carrying capacity of the bridge.

Diagnostic tests are full scale load tests which are used to obtain behavioral responses
of a bridge’s structural components under service load conditions. Static and/or dynamic
loading is applied to determine deflections, strains, impact factors, etc. Results from this type
of testing are used in conjunction with the analytical rating to establish the load rating of a
bridge.

The current bridge rating practice in the United States follows the procedures outlined
in the American Association of State Highway Transportation Officials’(AASHTO) Manual
for Maintenance Inspection of Bridges [1]. In this manual, bridge rating procedures are based
on a thorough field inspection and a detailed analytical rating by a qualified engineer. This

manual does not provide any guidelines for determining load capacity by nondestructive load



testing. Physical testing has typically shown that there is significantly greater strength than
that predicted by traditional analytical methods.

The use of nondestructive load testing is a procedure that may be used by agencies not
specialized in physical bridge testing to improve or remove postings of older bridges. By
obtaining dependable estimates of a bridge’s load carrying capacity, bridge owners can plan
for repair or replacement. The cost of performing these types of tests and allowing the
bridge to remain in service is far less than repairing or replacing the given bridge.

Nondestructive load testing is a particularly reliable method in determining the load
carrying capacity of older reinforced concrete bridges. Due to the lack of as built bridge
plans, the location, type, and size of reinforcement are typically unknown. Because of this,
the analytical rating is more of a conservative estimate rather a bridge’s actual load carrying
capacity. To assess the actual load carrying capacity of Iowa’s historic and non-historic
reinforced concrete bridges, a questionnaire was sent to county engineers in each of the 99
counties to determine if they had any older reinforced concrete bridges which were scheduled
for replacement and could be service load tested. Of the 61 counties that responded to the
questionnaire, more than 20 county engineers said they had old reinforced concrete bridges
that were scheduled to be replaced in the next five years and could be load tested. An
example of the questionnaire used is presented in Appendix A.

1.2. Objective

The overall objective of this research project was to service load test a representative
sample of old reinforced concrete bridges and to show that through the use of diagnostic load
testing in conjunction with the analytical rating procedures, a more accurate safe load
carrying capacity of the bridges could be attained. Also, in the cases of those bridges that
were scheduled for replacement, demolition documentation consisting of photographs and
video footage would be obtained and the condition of critical components would be assessed.
Actual material strengths would be obtained from specimens taken from the demolished
bridges.
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1.3. Scope

The scope of this investigation involved selecting a minimum of five old reinforced
concrete bridges from the counties that responded to the questionnaire. Selection of the
bridges was made through consultation with a project advisory committee (PAC). Because
the primary objective of this project was to show how diagnostic load testing can be used to
estimate a bridge’s actual load capacity, various types of concrete bridges were selected for
testing. The results obtained could then be applied to as broad a range of bridges as possible,

This investigation also included developing theoretical ratings for each bridge based
on standard AASHTO procedures and comparing that with the experimental rating obtained
from the service load tests.

In the case of the bridges that were to be removed, a thorough inspection of critical
components and tests to determine material strengths were conducted. The field inspection
included assessing extent of corrosion and loss of section of reinforcing, concrete
deterioration and cover, condition of connections, and loss of bond between concrete and
reinforcing steel. Because the primary concern of this project was the superstructure, the
condition and load carrying capacity of the substructure was not considered in the overall

assessment of the bridge’s actual load carrying capacity.

1.4. Research Program

From consulting with the PAC which consisted of county engineers and Iowa
Department of Transportation (Iowa DOT) personnel, four types of old reinforced concrete
bridges were selected for service load testing. The types selected consisted of both historic
and non-historic bridges. The four types chosen include:

e Reinforced concrete open spandrel arch - historic

¢ Reinforced concrete filled spandrel arch- historic

e Reinforced concrete slab

e Reinforced concrete stringer
Using the four types of bridges selected as a guide, six bridges were chosen to be tested.
The bridges tested included:



e Concrete open spandrel arch - Marsh Arch Bridge I (Bridge I)

o Concrete open spandrel arch - Marsh Arch Bridge II (Bridge II)

e Concrete slab bridge (Bridge III)

e Concrete filled spandrel arch - Luten Arch Bridge (Bridge I'V)

e Concrete stringer bridge - two span (Bridge V)

e Concrete filled spandrel arch (Bridge VI)

Of the six bridges tested, the two Marsh Arch Bridges were scheduled for -
replacement. From each Marsh Arch bridge, concrete cores from the deck and reinforcing
steel from the deck and hangers were obtained for laboratory testing. Also, a concrete floor
beam was removed from Marsh Arch Bridge 1 for testing.

The diagnostic load test for each bridge consisted of applying a static load at various
predetermined locations and monitoring strains and deflections in critical components.
Loading for each bridge was accomplished by means of a tandem axle dump truck and was
applied in a series of increments (i.e. additional material was added to the truck bed).

Before each bridge was tested, a theoretical load rating was calculated. Each bridge
was load rated using the Load and Resistance Factor Rating (LRFR) method and the standard
AASHTO HS20-44 and Type 3 vehicles. These two types of rating vehicles were selected to
show the rating difference between the standard HS loading and that of a more typical
loading. Because the test bridges were one lane and had short spans, the variable spacing
dimension for the HS20-44 vehicle was chosen to be the minimum of 4270 m (14 ft). This
particular wheel spacing was shown to be the critical loading case for each of the bridges
tested. Wheel configuration and weight distribution for each of these vehicles is presented in
Figure 1.1.

1.5. Literature Review
Load testing of bridges has been conducted in the United States and Europe since the
middle of the 19th century. These early tests were primarily conducted to verify new designs
and to determine ultimate load carrying capacities. In recent years however, agencies have
begun to use load testing as a tool to evaluate the load carrying capacity of existing structures
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and to modify load ratings which were obtained from traditional analytical methods.

In the United States, several states have begun to implement nondestructive load
testing procedures to determine or confirm the ratings of their existing bridges. Most notably
are Florida and Alabama which have already instituted nondestructive load testing programs
for rating of their existing bridges. Florida has two specially built tractor trailor vehicles for
testing and a van which houses the data acquisition equipment [3]. The test vehicles are
equipped with boom cranes which place standard-size concrete blocks onto the flat bed
trailors. This setup allows the load to be placed in gradual known increments. The test
vehicles are able to place a minimum test load equivalent to a standard HS20 rating vehicle
multiplied by 2.86 to account for impact and a live load factor.

Like Florida, the Alabama Department of Transportation (ALDOT) also has two
specially built test vehicles [4]. The test trucks have a tri-axle configuration with the front
axle able to be raised when the vehicle is unloaded. This configuration was selected because
it most commonly produces the worst case loadings and because it also similar to the
ALDOT standard tri-axle dump truck. Each test vehicle is equipped with a boom crane
which allows 32 load blocks of 8,400 N (1,900 Ibs) each to be placed in two layers on the
beds of the trucks. The gross weight of each truck can be varied from 178,000 N (40,000 1bs)
to 446,000 N (105,800 1bs). Data from each test is obtained by means of a data acquisition
unit housed within a separate van.

Besides the United States, Canada and Switzerland have also been using load testing
as a means of evaluating their new and existing bridges. In Ontario, over 250 bridges have
been load tested in the last 24 years [S]. Most of these tests were more of a proof test where
the bridges were subjected to high loads in order to verify load carrying capacities and to
modify load postings. Ontario’s requirements for load testing of existing bridges are
presented in the Ontario Highway Bridge Design Code, however no specific testing
guidelines or procedures are presented.

Like Canada, Switzerland has also performed numerous load tests of their bridges.

However, a majority of the tests have only been conducted on new bridges as a requirement
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for acceptance before it is opened to traffic [5]. The tests consist of loading each of the
bridges with four to eight dump truck type vehicles of 250 KN (56,200 1bs) each and
monitoring deflections at various locations. The results are then compared to the analytical
predictions made by the designer.

Along with the testing which has been conducted in Canada and Switzerland,
numerous proof and diagnostic load tests have also been performed in the United States
which show the conservative nature of traditional analytical ratings. These test have been
conducted on both steel and reinforced concrete bridges.

In a study conducted by Chajes et al. [6], a diagnostic load test was performed on a
steel girder and slab bridge in order to improve the initial analytical rating which resulted in
the bridge having to be posted and partially restricted to truck traffic. The bridge in question
was located in Delaware and consisted of three simply supported spans measuring 12,800
mm (42 ft) wide, and 6,930 mm (22 ft 9 in), 19,510 mm (64 ft), and 6,930 mm (22 ft 9 in)
long respectively. Each span contained nine noncomposite steel girders. Using the BRASS
program, initial rating factors were determined which required the bridge to be posted. The
testing was conducted using a three axle tandem vehicle at a constant loading of 22 KN
(50,000 N). The test vehicle was driven across the bridge at 8 km/h (5 mph) in three
transverse positions approximately 3,050 mm (10 ft) apart.

Results from the testing indicated that there was composite action between the slab
and girders and that a degree of restraint was occurring at the bearings. Using these results,
new composite section properties were determined and then verified using a finite element
model. After rerating the bridge using both the finite element model and the revised BRASS
program, it was determined that the bridge may no longer need to be posted. Before the load
test, the inventory, operating, and posting rating factors for a HS20T rating vehicle were 0.76,
1.27, and 0.93 respectively. After the load test, the rating factors were increased to 1.21,
2.01, and 1.47 respectively using the BRASS program and 1.11, 2.42, and 1.55 respectively
using the finite element model.

A similar study was conducted by Boothby and Craig [7]. In their investigation, a

historic steel pony truss was tested in order to determine if the initial posting could be raised



in order to permit emergency vehicles to cross. The test bridge had a span of 27.18 m (89 ft)
and a roadway width of 4.42 m (14 ft 6 in.). The roadway consisted of a 75 mm (3 in.) glued-
laminated treated timber deck supported by steel stringers and beams. In its most recent
inspection, the bridge was given a sufficiency rating of of 17.9 on a scale of 100.

Before testing, the bridge was rated in accordance with the Manual for the
Maintenance Inspection of Bridges. The rating resulted in an inventory rating of 41.8 kN (4.7
tons) and an operating rating of 73.0 kN (8.2 tons) with the floor beams being the controlling
member.

Testing of the bridge consisted of applying a known weight in four increments at
various longitudinal and transverse locations. The load was applied by means of a single axle
dump truck. Strains were observed in the truss, a floor beam, stringers, and hangers and
deflections were obtained at the midspan.

Results from the testing revealed that the stresses in the trusses remained low for all
load increments and that the floor beam was the critical member. Using the test data, the
bridge was rerated using the allowable stress method. The inventory and operating ratings of
the bridge were increased to 96.8 kN (10.8 tons) and 138 kN (15.5 tons) respectively. The
increased rating allowed the bridge to remain in service without undertaking any costly
repairs.

Similar benefits have also been realized in reinforced concrete bridges. However, a
majority of the testing which has been performed has been proof load testing. This type of
testing is typically conducted on reinforced concrete bridges because the lack of known
structural details and materials properties which are needed for diagnostic load testing.

In a study conducted by Beal [8], [9], as quoted in Pinjarkar [3], two reinforced
concrete T-beam bridges were subjected to service load tests. In addition, one was also
subjected to an ultimate load test. The first bridge (Hannacroix Creek Bridge) was
constructed in 1930 and consisted of seven beams spanning 11,430 mm (37.5 ft). At the time
of testing , the bridge was in poor condition which resulted in a condition rating of 2to 3
based on a scale of 1 to 7. The second reinforced concrete T-beam bridge (Roeliff Jansen

Kill Bridge) tested was also constructed in 1930. This particular bridge spanned 12,040 mm
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(39.5 ft) and was in better condition than the Hannacroix bridge.

The service load tests were performed on the two bridges using a dump truck with a
rear axle load of 142,345 N (32,000 1bs). The truck was positioned in various locations to
monitor the midspan behavior of each beam.

The ultimate load test was conducted on the Hannacroix Creek Bridge and was
conducted using hydraulic jacks. The jacks were resisted by cables embedded in the bedrock
beneath the bridge. During the tests, strains, displacements, and end rotations were
monitored. Strains were monitored in four tension reinforcing bars and one compression
reinforcing bar.

Results from the testing revealed that the service load stresses in the rebars were well
below those calculated by analytical methods. At the test load, the stress in the tension bars
was 8 MPa (1,200 psi) which is considerably lower than the 40 MPa (5,800 psi) calculated.
Also, the ultimate load test of the Hannacroix Creek Bridge showed no reduction in load
capacity despite its deteriorated condition.

From the test results, it was concluded that T-beam bridges have reserve strength
despite their deteriorated condition and that the deterioration commonly observed is mainly
cosmetic and has no effect on the overall load capacity of the bridge. Only excessive loss of
cover and area of tension steel are potentially serious problems.

In addition to the articles presented here on the benefits derived from load testing of
existing bridges, Pinjarkar et al. [3] provides references and synopses of over 250 articles
from around the world published in the past thirty years on the load testing of existing steel,
reinforced concrete, post-tensioned concrete, prestressed concrete, timber, cast iron, and
masonry bridges. However, even with all of the testing which has been conducted, no
specific guidelines have been published by AASHTO to guide bridge owners in conducting
nondestructive load tests and applying results obtained from such tests. Because of this,
states which have begun conducting nondestructive load tests have implemented their own
guidelines and procedures which may differ from state to state.

Recently, a study was conducted by Prinjarkar et al. [3] in conjunction with the
National Cooperative Highway Research Program (NCHRP) to develop guidelines and
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methodology for nondestructive load testing of highway bridges. The report includes criteria
for selecting test methods, a description of test procedures, and discusses the economic
benefits achieved from load testing, the risks, and criteria for selecting candidate bridges.
The evaluation of the results obtained from load testing and the enhancement of the
analytical rating is one of the most difficult tasks in conducting a load test. Care must be
taken when extrapolating to loads greater than those placed on the bridge during the load test.
In an NCHRP study conducted by Lichtenstein [2], a procedure was developed to assist the
bridge owner in evaluating the results obtained from load testing and extrapolating those
results to loads greater than those placed on the bridge during the test. This procedure
involves calculating a test benefit, if any, from measured strains, then reducing that value
based on such conditions as lack of redundancy, frequency of inspection, the anticipated
behavior of the bridge at higher loads, etc. This particular procedure was utilized in
evaluating the bridges in this research project. For a more complete discussion of this

procedure, see Sec. 1.7.
1.6. Test Equipment and Procedures

1.6.1. Test Equipment

The testing procedure for each bridge consisted of obtaining strains and deflections in
critical components and locations. Since the procedure for each bridge was identical, the
same test setup and data acquisition system were used.

To determine strains in critical bridge components, 120 ohm electrical resistant
bonded strain gages were used. Where the strain gages were bonded to steel, strain gages
with a gage length of 13 mm (172 in.) were used. When the strain gages were bonded to the
concrete, strain gages with a gage length of 57 mm (2 1/4 in.) and 114 mm (4 1/2 in.) were
used. The only bridge in which the 114 mm (4 1/2 in.) strain gages were used was the
concrete stringer (Bridge V). The 114 mm (4 1/2 in.) strain gages have a longer gage length
which improves the accuracy of the strain readings. The more accurate strain readings were

needed to calibrate the finite element model of the bridge; this model was used to predict the
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structural behavior of the concrete stringer bridge.

Before the strain gages could be applied to the concrete. the conerete surtuce at the
sage locations had o be prepared properly. The preparation involved the apphcation of a two
part epoxy compound “pateh” to fill any voids in the surtace of the concrete. thus ensuring
full contact between the surface of the concrete and gage.

To prevent the attached gages from being contaminated with dirt and moisture. a
rubber patch was applicd to cover and seal the pages. The patch was then covered with foil
tape and sealed with sithicone caulk.

Detlections in cuch bridge were obtained by means of Celesco PT-101 displacement
transducers (potentiometers) mounted on tripods at various locations undemeath the bridges.
The wires from the Celescos were attached to hooks which were screwed into wooden blocks
miounted on the underside of the bridges. Figure 1.2 shows the typical mountng
configuration of the deflection transducers

Data from the vanous tests was recorded by means ot a Hewlett Packard Data

Acquisition System {DAS).

Figure 1.2. Typical setup of displacement transducers.
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1.6.2. Test Procedures

The testing of each of the six bridges consisted of applying a static load at various
predetermined transverse and longitudinal locations on the bridges and monitoring strains
and deflections in critical components. The same testing procedure was used on all six
bridges.

Loading of each bridge was accomplished by means of a tandem axle dump truck.
The trucks used were supplied by the counties in which the bridges were located and by the
Iowa DOT. Because the trucks came from a variety of sources, the wheel configurations and
weight distributions varied from test to test The exact truck weights and dimensions are
presented within the following chapters.

The load was applied to the bridges in a series of increments. For all the test bridges,
the first load increment consisted of an empty truck; subsequent load increments varied as a
function of the amount of weight added. Weight for the various load increments consisted of
aggregate supplied by local quarries or county storage sites. The total weight of the loaded
trucks was determined using scales at the quarries or local grain elevator scales.

The trucks were positioned transversely on the bridges in three lanes for each test. In
the first and third lanes, the trucks were positioned as close to the curb as possible. In the

second lane, the trucks were centered on the bridges.

1.7. Research Method

As stated previously, the scope of this project dealt with determining an estimate of a
bridges load carrying capacity through diagnostic load testing. Determining a bridges load
carrying capacity from diagnostic load tests is accomplished by subjecting a given bridge to a
known applied load and determining the strains in critical components. The measured strains
are then compared to theoretical strains predicted from an analytical model subjected to the
same loading. If the measured strains are less than the theoretical strains, a test benefit is
derived and the bridge possess a reserve capacity. Conversely, if the measured strains are
greater than the theoretical strains, the bridge has less capacity than predicted. When a
benefit is obtained from testing, it should be approached with caution. The results should not
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be extrapolated to loads which are higher than loads placed on the bridge unless methods
which ensure that the bridge is going to respond at the expected levels are incorporated. It
should also be noted that diagnostic load tests are only applicable to bridges with known "“as
built" structural details and material properties. If these items are unknown, a proof load test
should be conducted.

For this project, the results obtained from the six diagnostic load tests were
extrapolated using the guidelines and method developed by Lichtenstein [2]. This particular
method involves both quantitative and qualitative factors which are considered
simultaneously in modifying the analytical rating of the bridges.

The first step in utilizing this method is to developed a theoretical load rating for the
bridge. In developing the load rating, a thorough field inspection should be conducted and
“as built" plans should be obtained. Using this information, an analytical model can be
constructed which closely approximates the conditions encountered in the field. The more
accurate and detailed the model, the better the theoretical load rating will be. The model is
then used to determine individual member capacities and the responses due to dead and live
loads . In determining the live load effects, the rating vehicle should be positioned so as to
produce the maximum effect in the critical components. After capacities and dead and live
load effects have been determined, the theoretical rating factors are calculated. The rating
factors are determined using either the allowable stress method, load factor method, or load
and resistance factor rating (LRFR) method. If the rating factor is greater than or equal to
one, no further analysis is needed. However, if the rating factor is less than one, this rating
method may be used in conjunction with a diagnostic load test to either decrease or increase
the rating.

After a diagnostic load test has been conducted, the following equation is used to
modify the theoretical load rating:

RF;=RF.xK N

where:
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RFr = The load rating factor after the results
from the diagnostic load test have been
applied.

RF. = The theoretical load rating factor
obtained from the analytical model.

K = An adjustment factor based on the
comparison of the measured test
behavior with that obtained from the

analytical model.

The adjustment factor ‘K’ used in the preceding equation (Eqn. 1) is a function of the
results obtained from the diagnostic load test and of the expected response of the bridge at

higher load levels. It is determined from the following equation:

K=1+K.xKp )
where:

K. = A factor obtained from the comparison of
the results obtained from the theoretical
mode] with those obtained with from the load test.

Ky = A factor which takes into account the frequency
of inspections, the presence of special structural
features such as redundancy, and the ability
of the test team to explain the results obtained for
from the load test.

In relating the measured test results with the results obtained from the theoretical

model, the following equation is used:

K= =<1 3)

€y

i\"'\m”\f‘\:‘"\"\/f\f'\ﬁr\r\/ﬂﬂnm\—.,.,
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where:
&r = The maximum measured strain in the
component being considered.
€. = The theoretical strain produced by the
test vehicle at the exact positioning
and loading as produced the actual test

strain.

The factor K, can be thought of as a safety factor which reduces K, to account for
items such as non redundant members, the lack of inspections, and members not performing

adequately at the higher load levels. It is defined as follows:

Kb =K1 X Kp2 x Kpz 4

Ky is a factor which takes into account the behavior of the bridge beyond the test
load level and also the magnitude of the theoretical test load effects in comparison to the
rating load effects. This factor is assigned a value between 1 and O where 1 indicates that the
behavior of the bridge at the higher rating load level will be the same as the behavior
exhibited at the test load level and the responses predicted by the analytical model at the test
load level are similar to the responses predicted at the initial load rating level . This is
determined by loading the analytical model with 1.33 times the rating vehicle gross load and
ensuring that linear behavior is present in the bridge components at the higher load level. A
value of 0 indicates that the behavior of the bridge can not be extrapolated to levels beyond
the rating load level. Table 1.1 is provided as a guidance in selecting a value for Ky;. The
letters T and W refer to the gross loading effects in the critical members produced by the test
vehicle and the rating vehicle, respectively.

The factor T/W is presented in Table 1.1 to ensure that the test vehicle is similar in
magnitude and exhibits a response similar to that of the rating vehicle.

The factor Ky, is a function of the type and interval of inspections. This factor is

included to ensure that any change in the condition of the bridge while operating at the higher



16
Table 1.1. Values for Kp;.
Can member behavior
be extrapolated to Magnitude of test load Ko)
1.33W 2
T T T
— —_ — Q.
Yes No W<().4 O.4SW_0.7 W>07
X X 0
X X 0.8
X X 1.0
X X 0
X X 0
X X 0.5

Table 1.2. Values for K,.
b e e e et et e e ]

Inspection Ky

Type Frequency
Routine between 1 & 2 years 0.8
Routine less than 1 year 0.9
In-Depth between 1 & 2 years 0.9
In-Depth less than a year 1.0

rating level will be diagnosed in time to reduce the load rating to levels which do not
endanger the bridge. Values for Ky are presented in Table 1.2.

The factor Ky;3 is included to account for sudden failure of the bridge due to fracture
or fatigue of critical members and the absence of redundant members. This factor is included
so the test team will evaluate all failure modes before the load rating is extrapolated to higher
levels. Table 1.3 provides guidance in selecting values for this factor.

The preceding method was developed to give the engineer a level of comfort when
extrapolating loads to levels higher than those predicted by analytical methods. A flowchart
is presented in Figure 1.3 as a guide for determining the theoretical rating factors and
applying the diagnostic load test procedure. The steps presented in the flowchart are

illustrated in an example problem in Sec. 1.7.1.

n
"~
'
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Table 1.3. Values for K;.
Fatigue Controls Redundancy Kgs
No Yes No Yes

X X 0.7

X X 0.8

p 3 X 0.9

X X 1.0

S A A A A

\(‘-..

To obtain the rating factors for the bridges in this project, the LRFR method was
used. Unlike the allowable stress and load factor methods which calculate both an inventory
and operating rating, the LRFR method only calculates one rating factor. This method
resulted from the culmination of work conducted by Imbsen et. al. [10] in the early 80°s and
was later adopted by AASHTO and presented in a guide specification [11].

The LRFR method is a limit states approach to load rating which applies reduction
and load factors to the nominal strength and dead and live loads, respectively. This method

is expressed by the following equation:

_ ¢R,-y,D
Y LL(+D)

&)
where:

RF = Rating factor

¢ =Resistance factor

R, =Nominal resistance

Ys =Dead load Factor

D =Nominal dead load

v, =Live load factor

L =Nominal live load

I =Live load impact factor
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{ Construct Analytical Model | e

i
H
H
i
i
H

l

Determine Capacities and
Dead and Live Load Effects

g !

Step 1:

In this step, plans and previous inspection reports are obtained and
also a field inspection is conducted to verify dimensions and condition
of bridge components. This step may also include testing to obtain

actual material strengths.

Step 2:
From the construction plans and visual inspection, a model is

constructed which closely approximates the field conditions,

Step 3:

After constructing the model, calculate the capacity of all critical
elements, determine the effects of the dead loads, and position
the rating vehicle to produce the maxumum effect in the critical

components.

Swep 4:

Using the allowable stress or load factor rating methods,
calculate the inventory and operating ratings for the bridge

or use the load and resistence factor rating method to calcylate a
single rating factor for the bridge.

—Yes gl Perform Diagnostic Load Test

| Test Plan and Execution } = « = = = « = = = < - -« - - .

Y

{Evaluaton of Test Results} « « - - - - - -« - o - . ...

Y
"Modify Theoretical Load Rating with }
: Adjustment Factor ‘K’

A
K, is a quantitative factor which l__Y_
compares the results obtained from| | K !
the theoretical model with those : i
obtained from load test.

Figure 1.3. Rating procedure flowchart.

Step 5:

The test plan and execution involves determining the critical members,
selecting the test vehicle, magnitude of loading, positioning, and also

obtaining strains and deflection measurements of critical members,

Step 6:

At the completion of the test, the results obtained need to be evaluated
for consistency and reliability. Values which have large deviations from

those anticipated need to be explained and approached with caution.

Step 7;

The adjustment factor 'K’ is based on the comparison of the measured
test behavior with thar obtained from the analytical model. Itis a
function of factors K, and K.

K is a safety factor which is a function of

the ability of the test team to explain the results
PRy P Ky pomm obtained, the frequency of inspections, and
-——-—f__.,__;-— special structural features such as redundancy.

Gt > ol oo
Retrofir

AN AT N N NN N AN N S PN SN S A s s e e s e

SN

hY f‘\:\s\ ™ Fo

Is
i-

£




“t‘&‘ﬁ"i‘&‘k’Q‘Q‘k“k"k’k‘&‘k‘k‘h‘k’%‘M‘k‘k‘\‘&'k‘

4
“

!i‘i“(s.‘

19

The resistance factor for each bridge is dependent on the condition of the
superstructure, the presence (or absence) of redundancy, the degree of inspection, and the
type of maintenance. For reinforced concrete, the resistance factor ranges from 0.95 for a
bridge in good to fair condition with redundant members, careful inspection, and vigorous
maintenance to 0.55 for a bridge which is heavily deteriorated, has no redundant members,
estimated inspection, and intermittent maintenance.

The dead load factor is assigned a constant value of 1.2 and is increased by 20 %
when overlays are present. The live load factor is assigned a value ranging from 1.3 to 1.8.
The magnitude of this factor is dependent on the average daily truck traffic (ADTT) and the
enforcement of overload restrictions.

The impact factor is determined by the condition of the wearing surface. Itis
assigned value ranging from 0.1 for a wearing surface in good to fair condition to 0.3 for a
wearing surface in critical condition. This deviates from other rating procedures where the
impact factor is determined by the span of the bridge.

The load rating of the bridge is then determined by multiplying the rating factor by the

gross load of the rating vehicle. The load rating is determined from the following equation:

Load rating=RF x W 6)
where:

W = gross load of rating vehicle (tons)

In determining the theoretical rating factors for each bridge, the same material
strengths and properties were assumed for each bridge unless laboratory testing was
conducted to determine actual values. The concrete strength was assumed to be 28 MPa

(4,000 psi) and the modulus of elasticity was determined using the following equation
E= 5,000ﬁ:" (57,000JE ). The strength of the reinforcing steel and the modulus of
elasticity were assumed to be 228 MPa (33,000 psi) and 200,000 MPa (29,000,000 psi),

respectively.
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1.7.1. Example Problem

In this section, a sample problem is presented to illustrate the various calculations of
the diagnostic load testing method explained in Sec 1.7. The sample problem is a single
span, simply supported reinforced concrete T-beam girder bridge. The following steps
coincide with the steps presented in the rating procedure flowchart in Figure 1.3.

Beam section used
| 20'. 0" / in analysis

a. Bridge cross-section

| | -6 ] /— 3/4" Wearing surface
5.?75" m 11 T
T |
i d=29.7"
- 3 "
29.5" =6
o000 l E

| {383

y  |°°ot-9-#ITs A, =14.04in’ |
12"

b. Girder cross-section

Figure 1.4. Cross-section of example T-beam girder bridge.
Step 1: Collection of Information

Bridge data:
Span, c-c bearings, L = 50 ft
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Concrete:
Compressive strength, f, = 3,000 psi
unit weight = 150 Ib/ft?
Reinforcing steel:
Grade 40 steel, fy = 40,000 psi
As=9 - #11 bars
A; = (9)(1.56) = 14.04 in’/beam
Girder spacing = 5.5 ft
Slab depth = 6.5 in. (includes wearing surface)
Wearing surface = 0.75 in.
Effective thickness of slab = 5.75 in.
Structurall girder depth = 29.7 in.
Stem width = 12 in.

Site conditions:
e Heavy volume roadway (ADTT > 1000) with significant sources of overloads
without effective enforcement.
e Wearing surface is rough with significant deterioration and the superstructure is in
poor condition with areas of heavy deterioration.
e Maintenance is intermittent and inspections are performed every one to two years.

e Support conditions consist of the girders resting directly on the abutments.

Step 2: Construct analytical model
o The first step in constructing the model is to determine support conditions. Since the

girders of the bridge are not physically attached to the abutments and bearing pads are
present, the individual girders will be modeled as simply supported beams.
o Since the deck and beams were cast monolithically, one needs to determine how much of

the slab is effective in the T-beam flange (see Fig. 1.4a).
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According to Section 8.10.1 of AASHTO's Standard Specification for Highway
Bridges [12]:
* The total width of slab effective as a T-girder flange shall not exceed one-fourth
of the span length of the girder.
and
s The effective flange width overhanging on each side of the web shall not exceed
six times the thickness of the slab or one-half the clear distance to the next web.
Effective slab width:
w < 1/4L
w <(1/4)(50) = 12.5 ft

Overhanging flange width = (LZ:}-ﬁ =5.75ft
Effective flange width:
f <6t where t is the slab thickness and f is the distance from face of beam to
edge of slab.
f £6(5.75)=345f1
or

f < one-half the clear distance to the next web

f <(1/2)(4.5)

f <225

f=225ft<5.75

Therefore, f = 2.25 ft controls.
Final width of slab effective as a T-beam = 2.25 + 1 + 2.25 = 5.5 ft (see Fig. 1.4b)
Since 5.5 ft < the effective slab width w = 5.75 ft, 5.5 ft controls

Step 3: Determine the capacity and dead and live load effects.
¢ The live load effects for this bridge will be determined using an AASHTO HS20 rating

vehicle.
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Capacity:

e The T-beam section used in determining the moment capacity of the beam is
presented in Figure 1.4 (b).

¢ In this example, it is assumed that the capacity of the girders is controlled by the
ultimate moment strength and thus only moment calculations are presented. In an
actual bridge analysis problem, the slab, shear, bearing, etc. should also be
checked to determine the controlling mode of failure.

e The first step in determining the moment capacity of the T-beam section is to
calculate the effective depth of the compressive stress block, a. If the depth of the
stress block is less than the effective thickness of the slab, one can treat the slab as

a rectangular section of width 5.5 ft.

Af,
Q= e

0.85(b

A, = 14.04 in* b= effective width = 5.5 ft or 66 in.

fy = 40,000 psi f. = 3,000 psi

, = (14.04)(40,000)

= =3.341in. < 5.75in.
(0.85)(3000)(66)

Since the depth of the compressive stress block a, is less than the effective
slab depth, the cross section behaves as a rectangular beam with a width of 66
in.

¢ Determine if the section is controlled by the yielding of the tension steel.

P S Pmax
p= As = _ 1404 =0.00716
bd  (66)(29.7)
0.85B,f.(87,000)
= 0.75pp= (0.75 — = 0.0279
mae = 07300 = 0.79) g7.000+ 1)

p = 0.0716 < Pmax = 0.0279
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Therefore, the cross section is controlled by the yielding of the tension steel
and not compression failure of the concrete.

¢ Calculate the nominal moment capacity of the beam.

M, = Adfy(d - a2)
334
(14.04)(40,000)(29.7 - —)
M = e, -
n (12)(1000) 1,312 fi-k
Dead Load:
Deck weight: (6.5/12)(5.5)(0.150) = 0.45 k/fbeam
Girder weight: (12/12)(29.5/12)(0.150) = 0.37 k/ft/beam
Curbs, railings, etc. weight: = 0.18 k/ft/beam
= 1.00 k/ft/beam
2 2
Mp = w;‘ = LOOCO _ 31751k
Live load:
Maximum moment per wheel line produced by HS20 rating vehicle:
; 13'- 5" | 14'- 0" | 14'-0" |
16k l 16k 1 4k
| 50°-0" ]

From above loading,
Mus20 = 314 ft-k per wheel line

Distribution factor:

DF = 3% where S equals the stringer spacing in feet.
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_ 55
6.0

Live load moment:
MyL = Mys2o x DF = (314)(0.92) = 289 ft-k

DF =0.92

Step 4: Determine the rating factor

e To determine the rating factor for this bridge, the LRFR method presented previously will
be used.

RE, = M2 ~¥Mo
Y ML (1+])
¢ = 0.70 (Redundant structure, heavy deterioration, careful inspection,

intermittent maintenance)

I =0.2 (wearing surface rough and heavily deteriorated)

(0.70)(1312) - (1.2)(312.5) -
(1.80)(289)(1.2)

0.87

Gross weight of HS20 rating vehicle = 36 tons

Rating = (0.87)(36) =31 T
When the rating factor is less than one, the bridge owner has four options. First, the bridge
may be posted for reduced loads. Secondly, the bridge may be retrofitted to increase its
carrying capacity. Thirdly, a more detailed analytical model can be developed and the bridge
rerated. Finally, the bridge owner may choose to perform a diagnostic load test or a proof
load test to obtain a better estimate response of the critical members. For this example

bridge, the fourth option will be selected: a diagnostic load test.

Step 5: Test plan and execution

¢ From the theoretical load rating, it was determined that the critical component of the

bridge was the girders.
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e To measure the maximum response of the girders under the test loading, strains and
deflections were measured at the centerline of each of the six girders.

o Testing of the bridge consisted of applying a static load at various longitudinal and
transverse locations to produce maximum moments and deflections in the girders. The

load was applied by means of tandem axle dump truck in four load increments. The

0060006060800

wheel configuration of the test vehicle matched that of the Type 3 vehicle presented in
Figure 1.1. '

Step 6: Evaluation of test results
* A maximum strain of 75 microstrain was measured at the center of the two middle girders

(see Fig 1.4a). As expected, the maximum strain occurred when the test vehicle was
positioned to produce maximum moment in the two girders.
e The maximum strain was lower than was theoretically predicted yet was consistent for the

various loading increments.

Step 7: Modify the theoretical load rating

e Using the results obtained from the diagnostic load test, the theoretical load rating can be
modified. The modification of the theoretical load rating is accomplished by means of an
adjustment factor ‘K’ which based on the comparison of the measured test behavior with
that obtained from the analytical model. The modified rating factor takes the following
form:

RFr=RF:K
where:
RFr = the rating factor obtained by including the results from
the load tests
RF; = the rating factor obtained from the theoretical
calculations

K =1+K; K



£ o~
A

e’

~ 4

27

¢ The first step in modifying the existing load rating is to determine the magnitude of the

factor K, (Eqn. 3).
Factor K,:

Ko= =5-1
81'

e To determine K, , the theoretical maximum strain produced in the girder by the
test vehicle used in the field test is calculated.

e To obtain the theoretical strain in the girder, the equivalent concrete section,
location of the neutral axis, and uncracked moment of inertia has to be

calculated.

| 5.6
‘ I i
575" | | T
T ! B NA- =297
295" 2y9m I
l I | —— -
|/ ‘ l l ¥ (n-l )As

Equivalent concrete section:
s = 29,000,000 psi
« = 3,600,000 psi

n=§i=8
E.

(n-1)A; = (8-1)(14.04) = 98.28 in*

Location of the neutral axis:

N.A. = 2AY
YA
_ (5.75)(66)(32.38) +(29.5)(12)(14.75) + (98.28)(5.55)
- (5.75)(66) + (29.5)(12) + 98.28
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=21.7 in.

Uncracked moment of inertia:

bh® ’
Ig— —1-:2—+Ad

= V12(66)(5.75)° + (66)(5.75)(10.68)> + 1/12(12)(29.5)° +

(29.5)(12)(6.95)* + (98.28)(16.15)* = 112,737 in*

Theoretical moment produced by the test vehicle:

L 19'- 8" 1 4 -0 . 15'- 0" i
{ H

1 10k l 10k 17.5k

| 50'- 0"

/77;;7'7

Miest vehicle = 269 ft-k per wheel line
Distribution factor:
DF = 0.92 (see previous calculations)
Test load moment: '
M1 = Mr est vehicle X DF
Mr = (269)(0.92) = 247 ft-k
Theoretical stress:
M,y _ (247)(12)(1000)(21.7) -

I 112,737

G = 570 psi

Theoretical and test strains:

A
E

[

€ = calculated theoretical strain in concrete
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£ = L. 1.58 x 10* in./ in.
3,600,00

gr=7.5x 107 in/in.

€7 = strain produced from test vehicle

-
Ko=Ze-1= 15-5-8}-1-9:5—--—1 = 111
& 75x10

o The final step in the modification of the theoretical load rating is to determine the
magnitude of the factor K, (Eqn. 4).
Factor Ky:
Kb = Kp1 Ko2 Ks3
Kpi: depends on the relationship between the test vehicle effect and the gross

rating load effect

T M,
Ko=w = M, (1+])
-I- = 247 =0.72
W 289(1.2)

From Table 1.1, with T/W >0.7 and the member behavior expected to remain

the same at 1.33 times the gross rating effect

Ke1 = 1.0

Kp2: From Table 1.2, with routine inspections between one and two years
sz =0.8

Ky3: From Table 1.3, fatigue is not a factor in this type of bridge and
redundancy is provided for by the multiple girders
Kes=1.0
Ks = (1.0)(0.8)(1.0)
K,=0.8
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Modified rating:
RFr = RF(1+K,Ky) = (0.87)[1 + (1.11)(0.8)] = 1.64
Gross weight of HS20 rating vehicle = 36 tons
Rating = (1.64)(36) =59 T
As a result of the diagnostic load test, the rating of the bridge increased from 31 tons to 59

tons.
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2. BRIDGE I: REINFORCED CONCRETE OPEN SPANDREL ARCH

2.1. Bridge Description

The first bridge to be service load tested was a one lane reinforced concrete open
spandre] arch (Marsh Arch) located on a secondary county road (Deer Ave.) in southwest
Boone County over Beaver Creek. Average daily traffic was approximately 75 vehicles and
consisted mainly of local traffic. At the time of testing, this bridge was listed on the Jowa
Historic Bridge Inventory and was one of 11 Marsh Arch bridges still remaining within the
state. Built in 1914, this particular type of reinforced concrete open spandrel arch was
developed and patented by James B. Marsh in the early 20® century. Because of this, bridges
of this type are historically known as Marsh Arch Bridges. The items which made these
bridges unique included: the concept of hanging the deck from the arch, the use of both
reinforcing steel and structural steel, and the idea of allowing the deck to move independent
of the arch. Figure 2.1 illustrates the layout of this type of bridge. All dimensions listed
were obtained from field measurements.

Bridge I had a clear span of 27,430 mm (90 ft) and a roadway width from the inside
of curb to the inside of curb of 4,700 mm (15 ft- 5 in.). The bridge deck was 5,385 mm (17
ft -8 in.) wide and 205 mm (8 in.) thick. Reinforcing consisted of two layers of 19 mm (3/4
in.) square reinforcing bars spaced at 150 mm (6 in.) on center in the longitudinal direction
and 15 mm (1/2 in.) round reinforcing bars spaced at 305 mm (12 in.) on center in the
transverse direction. In addition to this reinforcement, there was a series of 19 mm square
reinforcing bars placed in a crossing pattern on top of the longitudinal and transverse
reinforcement. Due to faulty placement or design, no longitudinal reinforcement was
provided in the top portion of the deck in the negative moment regions. Figure 2.2 illustrates
the reinforcement in the deck. _

The deck was supported by nine transverse reinforced concrete beams spaced at 2,745
mm (9 ft) on center: The seven interior beams were supported by hangers (see Fig. 2.1a & b)
which were in turn attached to the arch. The remaining two end beams were located between
the arches and were provided not only to support the deck but to tie the arches together.
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Figure 2.1. Bridge I Layout.
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¢. Typical cross secuon

d. Photograph of Bridge I'looking South.

Fieure 2.1, Contnued.
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/—-. Transverse reinforcement

6" 12" \- 3/4" x 3/4” Reinforcing bars

a. Longitudinal reinforcement

Longiwdinal reinforcement

8" -
12 - \ 3/4" & Reinforcing bars
b. Transverse reinforcement
— Area where concrete core r Area where steel reinforcement
; samples were obtained / samples were obtained
] . .______./
[ | } / y j Ag___ 1 ¥
{ i 1
-4 i / i
N | \
*& [f AN
! N L’ / \ L
f [ il 18 , S i) 0 i ] /
/ - \— Concrete fioor beam removed
Hangers where structural steel |
angle samples were obtained

¢. Crossing reinforcement

Figure 2.2. Bridge I: Deck reinforcement.
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Since these beams were attached to the arches, a construction joint was provided between the
beams and the deck to allow the deck to move independent of the arches.

The interior transverse beams had a depth from the bottom of the deck to the bottom
of the beams of 460 mm (18 in.), a width of 305 mm (12 in.), and total length of 6,095 mm
(20 ft). The end transverse beams which tied the arches had a depth from the bottom of the
deck to bottom of the beams of 510 mm (20 in.), a width of 460 mm (18 in.), and a length of
4,825 mm (15ft 10in.).

Reinforcing for the interior beams consisted of two 2 1/2in. x 2 1/2 in. x 1/4 in.
structural steel angles and two 26 mm (1 1/8 in.) diameter steel rods. To provide for shear
reinforcement, the 26 mm steel rods were bent up at a 15 degree angle beginning at 1,855mm
(6ft - 1in.) from the edge of the beam. No stirrups were provided for additional shear
reinforcement. In addition to the reinforcement in the bottom portion of the beams, two 19
mm (3/4 in.) square reinforcement bars were provided in the top of the beams.

Reinforcement in the end beams consisted of four 19 mm (3/4 in.) square reinforcing
bars in the bottom of the beams and four in the top. Each bar was extended into the arches
for development. The configuration of the transverse reinforced concrete beams and the

reinforcement used is presented in Figure 2.3.

3/4" x 3/4" Reinforcing bars

a. Reinforcement in end beams

Figure 2.3. Bridge I: Configuration and reinforcing details in transverse floor beams.
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L21/2"x21/2" x 1/4"
11/8" ¢ Bars

b. Reinforcement at centerline of interior beams

Hanger

-
L2"x2"x 118"
/' 172" Steel plate 11/8"¢ Rod /' 3/4” x 3/4" Reinforcing bar
/

P LY LN P NN R
. R S S I

- RN P

" r-] < - .

L2127 x2 12" x 18"

6-1"

10°-0"

c. Half section detail of interior beams

Figure 2.3. Continued.
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d. End view of interior beams

Figure 2.3. Continued.

The hangers which supported the deck and beams were composed of structural steel
encased in concrete. Each hanger had a depth of 500 mm (20 in.) and a width of 205 mm
( 8 in.); reinforcing in the hangers consisted of four 2 in. x 2 in. x 1/4 in. structural steel

angles (see Fig. 2.4).

l 20" l

S
ﬁa‘-. < fma i
\

—L2"x2"x 1/4"

Figure 2.4. Bridge I: Configuration and reinforcing details of hangers.
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The final and most important component of this bridge is the arches. Each arch had a
rise of 5,790 mm (19 ft), a constant width of 635 mm (25 in.) along its length,' and a thickness
of 710 mm (28 in.) at the crown and 1,475 mm (58 in.) at the abutments. Shown in Figure
2.5 are reinforcing details within each arch; it consisted of four structural steel angles 3 in. x

3 in. x 5/16 in. which were tied together by steel lattice.

250
L 3" x 3" x 5/16" /L 3"x 3"x5/16"
' o E I
i Lo !
28" _— -a " ‘.‘:'__ Q 240
1 3/4" x 1/4" Flai bars
\—Lattice reinforcement
a. Cross-section at crown b. Profile

Figure 2.5. Bridge I: Configuration and reinforcing details of arches.

2.1.1. Condition Assessment

Before service load testing the bridge, a visual inspection of the major components
was conducted and previous inspection reports were obtained. From the latest inspection
conducted in 1995, the deck and superstructure were given a condition rating of 3 based on a
scale of 0-9 where O represents failed condition and 9 represents excellent condition. The
bridge was also posted for 15 tons and one lane.

From the visual inspection conducted by the researchers, it was determined that the
arches had severe spalling along their entire lengths. The spalling was so severe at the
abutments, on the underside at the crown, and at the juncture of the railings that the

reinforcement was exposed. In the areas where the concrete had spalled and exposed the
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steel reinforcing. corrosion and pitting of the steel was noted. Several pictures of the

deterioration in the arches are presented in Figure 2.6.

a. Detertoration at north abutment b. Deterioration at crown of west arch

¢. Deterioration at juncture of railings

Figure 2.6. Bridge I Photographs of arch deterioration.
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Typical deterioration within the hangers is shown in Figure 2.7 In a myjority of the
hangers. the concrete had delaminated on the inside (road side) and outside (stream side)
faces. and in a few cases. a sigmficant amount of the concrete was missing. On the hangers
where the concrete had fallen off and the steel reinforcing was exposed. priing. corrosion.
and an extensive loss of section were noted. From the steel samples removed from the
hangers for testing. the average loss of section area per angle was determined to be 15

pereent.

g

i
C
g
R
i3
f 2

a. Exposed reinforcement b. Delaminated concrete

Figure 2.7. Bridge I: Photographs of hanger deterioration.

Of all the components. the deck had the worst deterioration. A section of
approximately 9,143 mm (30 ft) in length located within the center portion of the bridge had
sustained a loss of over 25 mm (1 in.) of the wearing surface and showed extensive cracking
and crumbling from numerous freeze-thaw cycles. A photograph of the deteriorated section

is presented in Figure 2.8.




Figure 2.8. Bridge I: Photograph of deck deterioration.

The last major component to be visually inspected was the transverse floor beams. In
all of the beams. the deterioration was most prevalent along the bottom. Concrete
delamination had occurred along their entire lengths and in a few locations the concrete was
missing. The exposed steel was corroded and pitted. Figure 2.9 shows tvpical deterioration
of the beams. The reinforcing steel which remained encased in concrete was in good
condition and showed no signs of deterioration

The wear and deterioration of this bridge can be attributed to many factors. Because
entrained air had not been developed when this bridge was built. the concrete experienced
severe spalling from continuous freeze-thaw cveles. Also. because the quality control of the
concrete mix was not as stringent as 1t 1s today. the aggregate gradation consisted of large
amounts of course aggregates. In some areas of the bridge. the concrete mix contained
aggregate which exceeded 76 mm (3 n.) in diameter. An excessive amount of course
aggregate leads to a highly porous mix which allows water to penetrate. The adverse of

effects of water penetration are clearly seen in the hangers. Water penetrated

0008000000000 000000000000000000000000C0BC0O0O00T0 T



1 Photograph of beam detertoration.

through the concrete and began corroding the reinforcing steel. When steel begins o
corrode it expands and delaminates the concrete cover. Mo petroeraphic study was conducted
on the concrete.

This bridge has been periodically inspected. However. in the past 235 vears. the only
repairs that have been undertaken have been to the deck. In these repairs. asphalt was added

fooin

o severa! areas of the deek to improve the riding surtace. thus keeping the bric
operating condition.  These repairs obviously did not improve the structural mtegrity of the

bridec,

2.2. Demolition
One of the major factors in selecting this bridge for testing was the fact that it was
scheduied for replacement and matenial samples could be obtained for laboratory testing.
Iwo months after the service load testing was completed. demolition of the bridge bevan
Prior to the demolition. material samples were removed from the bridee: see Fieure 2.10 for
the Jocations of where the samples were taken. The material samples collected mcluded:
seven conerete cores from the deck. five preces of remforcing steel trom the deck. two

sections of structural steel aneles from the hangers, and an entire conerete floor beam. The



concrete core samples were obtained from the end of the deck where the concrete was not as
deteriorated. The reinforcing steel samples were obtained from the center portion of the
bridge and the structural steel angle samples were obtained from the center hangers. The
concrete floor beam was removed from the center of the bridge.

To document the demolition, the process was video taped and photographed. Over
two hours of video footage were obtained of various stages of the demolition process. Also,

over 70 photographs were taken of various reinforcing and connection details and of different

stages of the demolition.
-~ Area where concrete core — Area where steel reinforcement
samples were obtained samples were obtained

i

/ - f
S

f
AN
AN |
—1 o ,/'!,,' i 0 —)

\— Concrete floor beam removed
Hangers where structural steel /" g >N
angle samples were obtained —/"

Figure 2.10. Bridge I: Locations of material samples.

2.3. AASHTO Rating

As a result of the bridge demolition, the condition of the various components and the
exact locations and amounts of reinforcement were determined. Also, from the laboratory
testing of the material samples, actual material strengths were attained. With this
information, a more precise theoretical load rating of the bridge could be determined.

The components that were analyzed to obtain an overall rating for the bridge
included: the floor beams, deck, hangers, and arches. The rating vehicles were positioned to
produce maximum shear and moment in the floor beams, deck and arches and maximum
axial force in the hangers. In rating the various components, the procedures outlined in The
Manual for Maintenance Inspection of Bridges [1] and Guide Specifications for Strength
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Evaluation of Existing Steel and Concrete Bridges [11] were followed. The material

L N T A

strengths determined from the laboratory testing were used for the concrete and steel. The
modulus of elasticity of the concrete was determined using the equation, E = S,OOOJE

(57,000 JE ); the modulus of elasticity of the steel was taken as 200,000 MPa (29,000,000
psi). The LRFR method rating explained in Sec. 1.7 was used to obtain the rating factors.
The calculations used to determine the rating factors of each of the components are
presented in Appendix B. It should noted that the calculations are only presented for the
critical mode of failure. Using the HS20 rating vehicle, the rating of the bridge was governed
by the deck; however, using the Type 3 rating the vehicle the rating of the bridge was
governed by the floor beams. The overall rating of the bridge was governed by the deck. A
summary of the theoretical load ratings for the various components is presented in Table 2.1.

Table 2.1. Bridge I: Theoretical Load Rating Summary.

Vehicle HS20 Vehicle Type 3
AASHTO LRFR AASHTO LRFR

Rating Rating Rating Rating

Factor (tons) Factor (tons)
Slab: 0.94 SRSV 1.50 375
Beams: 1.18 . 1.43 Ts SELNTIE
Hangers: 2.19 78.8 2.64 .
Arches: 4.14 149.0 5.18 129.5

248¢ Indicates controlling component

2.4. Test Setup and Procedures

To modify the load rating of the bridge, strains produced by the test vehicle were
monitored in the arches, hangers, and beams. Also, to observe the general structural behavior
of the bridge, deflections at various locations were obtained.

Deflections in the bridge were monitored at the centerlines of beam B5 and deck
panels S6, S7, and S8; refer to Figure 2.11 for the location of the deflection transducers.
Also, deflections were monitored at the ends of beams B3, B5, and B7. These locations were
selected to observe the behavior of the arches, deck panels and center beam as the test vehicle
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®  Deflection transducer locations

Bx Beamnumbers(x=1-9)

Sx  Deck panel numbers (x = 1 - 10)
HWx West hanger numbers (x=1-7)
HEx East hanger numbers (x =1-7)

Figure 2.11. Bridge I: Location of deflection transducers.
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moved across the bridge. All deflections in the bridge were obtained using the equipment
and setup described Sec. 1.6.1.

Strains in the arches, hangers, and beams were monitored at the center of the bridge.
The centerline location of the bridge was chosen to obtain strain data from the various
components because this was the critical location for each of the elements. Due to the
presence of small cracks and general concrete deterioration on the underside of the deck
panels, no strain gages were attached to the slab.

Strains were monitored in hangers HW4 and HE4 (see Fig. 2.11). Because the
concrete had fallen off the faces of the hangers, strain gages were applied to each of the four
exposed structural steel angles in each hanger.

Strains were monitored at the crown of all four sides of the two arches. One strain
gage was bonded to the top face and one was bonded on each of the side faces. On the
bottom face of each arch, the concrete had fallen off and strain gages were bonded to each of
the exposed steel angles.

Strains in beam B5 were observed at the centerline of the member. As with the other
two components, the concrete had fallen off exposing two structural steel angles to which
strain gages were bonded. Strain gage locations for the three elements are presented in
Figure 2.12. The strain gages used and the application process were described in Sec. 1.6.1.

The type of vehicle and loading process used in testing the bridge were described in
Sec. 1.6.2. For this bridge, the loading was applied in three increments. In the first load
increment, the test vehicle had a gross vehicle weight of 115,655 N (26,000 Ibs). In load
increments two and three, the test vehicle had a gross vehicle weight of 160,170 N (36,000
Ibs) and 231,310 N (52,000 1bs) respectively. The magnitude of the load increments and
wheel configuration of the test vehicle are presented in Figure 2.13; a photograph of the test
vehicle is presented in Figure 2.14.

To observe the structural behavior of the bridge, the test vehicle was stopped at beams
B1 through B9 and deck panels S6, S7, and S8 and data readings were taken; Figure 2.15
shows the stopping locations of the test vehicle. The lane positioning of the test vehicle was
described in Sec. 1.6.2 and is shown in Figure 2.16. The test vehicle was positioned on the



2o N—L3" % 3" x 5/16"

\& Strain gages

b. Location of strain gages
at crown of arches

a. Cross section at centerline of bridge
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/ ‘a
g ) ! PR
Ly ¥ 18" L Lok 12 1
Strain gages —. Yo' oo ‘ . ,,—;—n X X
\..... L2u X 2u X !/411 //-4:5 \'A’ .
Bar11/8"¢ |, 12" Strain gages
d. Section A-A

¢. Location of strain gages on
hangers HW4 and HE4

Figure 2.12. Bridge I: Location of strain gages at centerline of bridge.
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4 -6 .
- - 4-6" -
E R
Load I R Total Load
Increment | (kipsy | (Kips) (kips)
! 12.0 14.0 20.0
2 12.0 24.0 36.0
3 14.0 380 52.0

Figure 2,13, Bridge I: Wheel configuration and weight distribution in test vehicle.

Figurc 2.14. Bridge I: Photograph of test vehicle on bridge.
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Figure 2.15. Bridge I: Longitudinal location of test vehicle for various tests,
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Figure 2.16. Bridge I Transverse location of test vehicle on bridge.
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beams with the front wheel of the rear tandem centered over the members. The test vehicle

was positioned on the deck panels with the tandem wheels centered on the panels.

2.5, Material Specimens
As previously described, material samples were obtained from the bridge before it
was demolished. The samples that were obtained for laboratory testing included: concrete
cores from the deck, structural steel reinforcing from the hangers, reinforcing steel from the

deck, and a concrete floor beam.
2.5.1. Test Equipment and Procedures

2.5.1.1. Concrete Core Samples

To determine the compressive strength of the concrete, seven 102 mm (4 in.) diameter
cores were obtained from the deck. Due to the irregularities in the deck, the lengths of the
cylinders varied.

To prepare the cylinders for testing, the ends were cut to a obtain a smooth surface
and capped using a sulfur mortar according to American Society of Testing and Materials
(ASTM) C 617 [13].

The testing of the cylinders was conducted according to ASTM C 39 [14] and C 42
[15]. The specimens were compressed at a constant rate of 0.24 MPa/s (35 psi/s) using an
universal testing machine.

2.5.1.2. Concrete Floor Beam

To obtain the nominal capacity and to observe the failure mechanism, a concrete
floor beam was removed from Bridge I for testing. The transverse beam that was removed
(see Fig. 2.10 for location of beam) was the one that was monitored for strains and
deflections during the diagnostic load test.

Because a concrete saw was not available, the floor beam was removed using a

wrecking ball and an acetylene torch. Removal was accomplished by having the wrecking
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ball tap along each side of the beam in order to break away the concrete and expose the
reinforcing in the deck. Care was taken to leave the part of the deck that was effective as the
flange of the T-beam and also not to damage the beam. Once the concrete had been broken
away the acetylene torch was used to cut the reinforcing bars in the deck; final removal was
accomplished by cutting the hangers from the beam.

Removal of the beam using the wrecking ball left a varying width of deck connected
to the beam. To obtain a constant width of section for testing purposes, the overhanging
portion of the deck was reformed and new concrete added. The portion of the deck that was
reformed extended out 610 mm (2 ft) from each side of the beam and had a thickness of 205
mm (8 in.) which matched the original thickness of the deck. The deck was extended 610
mm from each side of the beam to provide the width of slab effective as a T-beam flange, as
required in the Standard Specifications for Highway Bridges Sec. 8.10.1.1 [12] for a beam
length of 6,095 mm (20 ft). Thus, the total width of beam flange after the addition of the new
concrete was 1,525 mm (5 ft). A photograph of the concrete beam with form work in place is
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presented in Figure 2.17.

To prepare the existing slab for the new concrete, the uneven edges were hosed and
scrubbed with water to remove any laitance. Because the longitudinal reinforcement from
the existing slab was still in tact and the exposed faces were adequately roughened, no
bonding agents were used. One problem with placing new concrete against old concrete is
matching the compressive strengths of the two mixes. The average compressive strength of
the existing concrete was obtained from the cores removed form the deck and was
determined to be 30 MPa (4,320 psi) To match the compressive strength of the existing
concrete, a standard C4 concrete mix supplied by a local concrete plant was used for the new
flange section. This mix had a compressive strength of 28 MPa (4,000 psi) on the day in
which the beam was tested. The compressive strength of the new concrete was obtained from
152 mm x 305 mm (6 in. x 12 in.) cylinders which were cast the same day the flange of the
beam was cast. Photographs of the beam after pouring and form removal are shown in
Figure 2.17¢ and d, respectively.
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a. Plan view of added concrete

b. Photograph of concrete floor beam and form work

Figure 2.17. Bndge I Schematic of concrete floor beam and slab.
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Frgure 2.17. Continued.
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During the removal of the beam from the bridge, a large diagonal crack developed
towards the west end of the beam. To obtain the maximum moment in the beam and prevent
premature shear failure, two external stirrups shown in Figure 2.18a were added. The legs of
the stirrups consisted of 16 mm (5/8 in.) Dywidag bars. The legs were attached to the deck
by drilling holes through the flange and fastening the Dywidag bars with nuts and washers.
Two C8x11.5 steel channels were used to connect the legs across the bottom of the beam.

As shown in Figure 2.18a, the two external stirrups were 180 mm (7 in.) apart across the
diagonal crack.

Testing of the beam consisted of applying two point loads having an area of 92, 905
mm’ ( 1 ft*) along the centerline of the beam. The point loads were postioned to produce
maximum moment in the beam and also to simulate the rear wheels of the standard rating
vehicles presented in Figure 1.1.

Loading of the beam was accomplished by means of two 533,785 N (120,000 lbs)
hydraulic rams spaced 1,830 mm (6 ft) apart. The loading frame consisted of two W12x87
steel beams centered on top of the hydraulic rams. The beams were then secured to the
laboratory floor by means of 29 mm (1 1/8 in.) Dywidags. Support conditions for the beam
consisted of a pin and a roller and were spaced at 205 mm (8 in.) from the ends of the beam.
Figure 2.18 shows the configuration of the beam test.

During the testing of the beam, strains and deflections were monitored at various
locations. Three strain gages were applied on top of the deck at the centerline of the beam.
The gages were place transversely across the deck at 381 mm (15 in.) spacings. Also, strain
gages were placed on the bottom of the beam web at the centerline of the beam. The concrete
at this location had fallen off and one strain gage was bonded to each of the two exposed
structural steel angles. The strain gages used and surface preparation are described in
Sec.1.6.1.

The magnitude of the applied load was measured using a 222,410 N (50,000 Ib) load
cell at each load point. Deflections in the beam were monitored at the quarter points and the
centerline. Deflection transducers were attached to the edges of the flange at the centerline of
the beam to monitor the rotation of the beam as it was being loaded. Sec. 1.6.1 describes the
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Figure 2.18. Bridge I: Beam test setup.
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setup and deflection transducers used in the testing. Figure 2.19 shows the locations of the
strain gages and deflection transducers in the test beam.

Loading of the beam was applied in two cycles at a constant rate using a hand pump.
In the first cycle, the beam was loaded until the tension steel began to yield and then was
unloaded. Strain, deflection, and load readings were taken during the first cycle at 2,225 N
(500 1b) increments using a DAS. Prior to reloading the beam, the external stirrup was
removed to determine if the diagonal crack would result in shear failure of the beam. The
load was then reapplied in the preceding increments until the tension steel yielded and
compression failure of the concrete was observed in the flange. The removal of the external
stirrup did not have any effect on increasing the load carrying capacity of the beam. The
resulting failure was in bending rather than shear.

2.5.1.3. Steel Samples

To obtain the yield strength of the reinforcing steel in the bridge, structural steel angle
specimens were removed from the center hangers and reinforcing steel specimens were
removed from the deck. Also, the reinforcing bars in the test beam were obtained following
the laboratory testing. Refer to Figure 2.10 for the locations where the specimens were
obtained.

Two of the four structural steel angles in hangers HW4 and HE4 were removed for
testing. The specimens were over 1,220 mm (4 ft) long and were removed using an acetylene
torch. To obtain specimens for testing, coupons were obtained from the legs of the angles.

Five reinforcing steel specimens were removed from the deck. The specimens
obtained were over 1,220 mm (4 ft) long and were removed using an acetylene torch. As
with the structural steel specimens, the reinforcing bars were cut into 455 mm (18 in.) lengths
and then milled to remove any pitting or corrosion.

A 915 mm (3 ft) section from each of the two reinforcing bars in the test beam were
removed. The two specimens were cut into 460 mm (18 in.) lengths and then milled to

remove any pitting or rusting.
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Testing of each of the specimens was conducted according to ASTM A 370 [16]. The
specimens were loaded in tension at a constant rate of 379 MPa/min (55,000 psi/min) using
an universal testing machine. Strain in the specimens was monitored using an extensometer.
The load and strain data were obtained using a DAS; specimens were loaded until failure

occurred.

2.6. Results and Discussion

2.6.1. Bridge I

The response exhibited by the various bridge components during the diagnostic load
test was lower than anticipated. The strains obtained were well below the elastic limit of the
material and the deflections were on the order of one to two millimeters (0.04 in. - 0.08 in.).

The strains obtained at the centerline of beam B5 were significantly lower than the
yield point of the reinforcement for all three load increments. At load positions 1.5, 2.5, and
3.5 the strains remained linear elastic for the three load increments. The maximum tensile
strain obtained was 143 microstrain and occurred during the last load increment when the test
vehicle was located at load position 2.5. The theoretical strain calculated in the beam using
the same load increment and load position was determined to be 399 microstrain. This is
over two times the actual strain produced by the test vehicle yet both are still significantly
lower than the yield strain (1,379 microstrain ) of the reinforcement. The strains at the
centerline of the beam for the three load increments and three vehicle positions is presented
graphically in Figure 2.20.

The centerline deflection of beam B5 was also extremely small; the response of the
beam remained linear as the weight of the test vehicle was increased. At load positions 1.5,
2.5, and 3.5, the centerline deflections remained the same for the three load increments. The
deflections ranged from a low of 0.5 mm (0.02 in.) at the first load increment to a maximum
of 1.8 mm (0.07 in.) at the third load increment. Figure 2.21 illustrates the centerline
deflection of the for the three load increments and load positions.



The centerline deflections of deck panels S6, S7, and S8 were essentially the same
magnitude as the centerline deflections of beam BS. In all three deck panels, the response
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Figure 2.20. Bridge I: Bottom strain at centerline of beam BS5.
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Figure 2.21. Bridge I: Centerline deflection of beam BS5.
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remained linear for the three load increments. Maximum deflections in panels S6, S7, and S8
occurred when the test vehicle was located at load positions 2.6, 2.8, and 2.10, respectively.
Panels S6 and S7 had maximum deflections of 2 mm (0.08 in.) while panel S8 had a
maximum deflection of 1.8 mm (0.07 in.). The deflections of panel S7 remained the same for
the three load increments. The centerline deflections of the three panels are presented
graphically in Figure 2.22. The anomaly in the graph of panel S8 (Fig. 2.22c) at load
position 3.10 was caused by a malfunctioning deflection transducer at the time the data were
taken.

As with the beam, the strains in hangers HE4 and HW4 were well below the yield
strain of the steel. The response of the hangers remained linear for the three load increments.
Also, as the weight of the test vehicle was increased, bending was observed in both HE4 and
HW4. The extent of the bending increased with each load increment The bending of the
hangers resulted from the rotation of the ends of beam B5. At load position 1.5 and load
increments one , two, and three, the maximum tensile strain in the two angles on the inside
face of hanger HE4 was 27, 43, and 69 microstrain, respectively. At the same load
increments and position, the tensile strain in the two angles on the outside face of the hanger
was 10,8, and 8 microstrain, respectively.

The same behavior was observed in hanger HW4. At load position 3.5 and load
increments one, two, and three, the maximum tensile strain in the two angles on the inside '
face of hanger HW4 was 19, 39, and 70 microstrain, respectively. At the same load
increments and position, the tensile strain in the two angles on the outside face of the hanger
was 4,1, and 4 microstrain respectively.

Overall, the maximum strain values of 69 and 70 microstrain obtained from hangers
HE4 and HW4 respectively are significantly lower than the yield strain of the reinforcement.
The maximum strains in hangers HE4 and HW4 are presented in Figure 2.23 for load
positions 1.5, 2.5, and 3.5 and the three loading increments.

The strains measured at the crowns of both arches were similar in magnitude to the
strains measured in the floor beam and hangers; linear behavior was observed in each arch for
the three load increments. The maximum strain at the crown of the east arch was obtained



)
. 401
-~
&
a
= 20 - = Load Pos. 1.6
E “© Load Pos. 2.6
QO Load Pos. 3.6
0 3 2 i M -
0 002 -004 -006 -008 -0.1
Deflection, in.
a. Deck panel S6
60
£
> 40 1
ks
o
-
s 201 £ Load Pos. 1.8
[2 € Load Pos. 2.8
< Load Pos. 3.8
0
0 002 -004 -006 -008 -0.1
Deflection, in.
b. Deck panel S7
60
-
< 40
<
8
-
201 £ Load Pos. 1.10
E_° < Load Pos. 2.10

(=4

‘O Load Pos. 3.10

002 -004 -006 -0.08 -0.1
Deflection, in.

¢. Deck pane] S8
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Figure 2.23. Bridge I: Strain in hangers.
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when the test vehicle was located at load position 1.5, and the maximum strain at the crown
of the west arch was obtained when the test vehicle was located at load position 3.5. Bending
of the arches at the crowns was observed when the test vehicle was in these two positions.
Compression was observed in the concrete on the top and side faces while tension was
observed in the steel reinforcement on the bottom face. At load position 1.5 and load
increments one, two, and three, the compressive concrete strain in the top face of the east
arch was 24, 35, and 52 microstrain, respectively. While the tensile strain in the
reinforcement at the bottom face of the east arch was 3, 10, and 17, respectively.

The behavior at the crown of the west arch mirrored that of the east arch. When the
test vehicle was located at load position 3.5, the compressive concrete strain at the top face of
the arch was 20, 30, and 46 microstrain for the three load increments, respectively. The
tensile strain in the reinforcement at the bottom face of the arch was 2, 8, and 14 microstrain
for the same three load increments. Bottom face strains in the east and west arches for the
three load increments are presented in Figure 2.24.

The strains measured in the crowns of the east and west arches were significantly
lower than strains at which compression failure in the concrete or yielding of the steel occurs.
Compression failure of concrete is typically taken at 3000 microstrain which is significantly
higher than the 52 microstrain obtained from the top face of the east arch. The maximum
strain in the reinforcing steel was 17 microstrain which is significantly lower than the yield
strain of steel.

As the test vehicle moved across the bridge, the deflections of the east and west
arches were maximum at the crowns. The maximum deflection at the crown of the east arch
was 0.8 mm (0.03 in.) and occurred at load increment three when the test vehicle was located
at Joad position 1.5. The maximum deflection at the crown of the west arch was 1 mm (0.04
in.) and occurred at the same load increment when the test vehicle was located at load
position 3.5. It should be noted that the deflections obtained included the deformations in
hangers HW4 and HE4 since the deflection transducers were attached to the bottom of the
beams and not directly to the arches. At deflection transducer locations HW2, HE2, HW6,
and HES6, no deflection of the east or west arches was observed for all load positions and
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increments. Figure 2.25 shows the deflection at the crowns of the east and west arches for

load increments one, two, and three and load positions 1.5, 2.5, and 3.5.

2.6.2. Concrete Core Samples

From the seven concrete cores obtained from the deck of the bridge, the average
compressive strength was determined (see data in Table 2.2). The results of the testing
ranged from a low of 24 MPa (3,410 psi) to a high of 33 MPa (4,790 psi) with an average
compressive strength of 33 MPa (4,320 psi). This is considerably higher than the 22.8 MPa
(3,300 psi) which is the assumed value when the compressive strength of the concrete is
unknown [1]. The average compressive strength of the in situ concrete is higher than the

assumed value which was expected since concrete continues to gain strength over time.

Table 2.2. Bridge I: Results of concrete compressive strength tests.

Specimen Compressive Strength

Psi

A 3,410

B 3,690

C 4,440

D 4,470

E 4,710

F 4,710

G 4,790

Average 4,320
Standard Deviation 546

1 psi = 0.00689 MPa

2.6.3. Concrete Floor Beam

The results from the beam test revealed that the nominal flexural strength was less
than that predicted by analytical methods and the mode of failure was due to bending and not
shear.
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As previously mentioned, the test beam was loaded twice. The first test was
conducted to determine the nominal flexural strength of the beam. The nominal flexural
strength of the beam was reached when the tension reinforcing steel yielded. Yielding of the
steel occurred when the total applied load had reached 407,790 N (91,000 lbs) or 202,395 N
(45,500 1bs) per load point. This was one and a quarter times the total weight of the HS20-44
(320,270 N (72,000 1bs)) rating vehicle and almost twice the total weight of the Type 3
(222,410 N (50,000 1bs)) rating vehicle. The actual nominal flexural strength of the beam was
calculated to be 405,390,180 N-mm (299,000 ft-Ib). The theoretical nominal flexural
strength was calculated to be 417,592,560 N-mm (308,000 ft-1b) using the strength design
method. The material strengths obtained from the laboratory testing were used to

calculate the theoretical nominal flexural strength of the beam.

The second test was conducted to determine if the external stirrups provided
additional shear capacity. Prior to reloading the beam, both extemnal stirrups (see Fig. 2.18¢)
were removed. The beam was then reloaded to a maximum total applied load of 511,546 N
(115,000 1bs) or 255,773 N (57,500 Ibs) per load point. The beam behaved as it did during
the first load cycle and failed in flexure. No changes were observed at the location of the
external stirrups; it was concluded that the beam had adequate shear strength and the external
stirrups were not required.

The centerline strains at the top of the deck and bottom of the web remained linear
until the total applied load had reached 407,790 N (91,000 1bs). At this point, yielding of the
tension reinforcement was observed. The centerline strains at the top of the deck and bottom
of the web are presented in Figure 2.26.

The maximum deflection at the centerline of the beam was obtained during the
second test. A deflection of 110 mm (4.3 in.) was obtained when the total applied load was
511,545 N (115,000 Ibs). At this load, the concrete in the top of the deck had a compression
failure. At the load at which the tension reinforcing steel vielded (407,790 N (91,000 Ibs)),

the beam centerline deflection was 13 mm (0.5 in.). The deflections of the beam quarter
points and centerline are presented in Figure 2.27.
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Figure 2.26. Bridge I. Test beam strains.
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2.6.4. Steel Samples

Results of the tensile tests performed on the structural steel specimens are presented
in Table 2.3. The yield stresses of the steel specimens obtained for laboratory testing were
greater than the assumed values for the period in which the bridge was built.

The average yield stress of the three structural steel specimens obtained from the
hangers was 276 MPa (40,000 psi), and ranged from a low of 272 MPa (39,500 psi) to a high
of 277 MPa (40,200 psi). For unknown steel in structures built between 1905 and 1936, the
assumed minimum yield strength of the steel is 207 MPa (30,000 psi) [1].

Table 2.3. Bridge I: Tensile test results of reinforcing obtained from hangers.

Specimen Yield Strength Ultimate Strength Young’s Modulus
psi psi psi
HW4N 40,200 51,600 28,100,000
HW4S 39,500 54,100 27,000,000
HEA4S 40,200 50,800 25,500,000
Average 40,000 52,200 26,900,000
Standard Dev. 404 1,720 1,300,000

1 psi = 0.00689 MPa

Results of the tensile tests performed on the five reinforcing steel specimens obtained
from the deck are presented in Table 2.4. Results ranged from a low of 252 MPa (36,500 psi)
to a high of 324 MPa (47,000 psi) with an average yield strength of 285 MPa (41,400 psi).
The assumed yield strength of structural grade reinforcing steel in structures built prior to
1954 is 228 MPa (33,000 psi) [1].

The last specimens to be obtained and tested were two 29 mm (1 1/8 in.) diameter
reinforcing bars from the floor beams. The average yield strength obtained from the two bars
was 234 MPa (33,900 psi). The assumed yield strength of the bars is the same as that for the
reinforcing steel in the deck. Results of these tensile tests are presented in Table 2.5.



76

Overall, the yield strength of the structural and reinforcing steel was greater than the
assumed values at the time the bridge was built. Typical stress-strain curves for the steel
specimens tested are presented Figure 2.28.

2.6.5. Modified Rating

Using the strains obtained from the diagnostic load test, the theoretical load rating
was modified using the procedure presented in Sec 1.7. The load rating of the beams and
hangers increased while the rating for the arches decreased. The load rating for deck
remained unchanged since no strain data was obtained.

Table 2.4. Bridge 1: Tensile test results of reinforcing obtained from deck.

Specimen Yield Strength Ultimate Strength Young’s Modulus
psi psi psi
S6A 42,300 58,700 -29,800,000
Sé6B 42,800 51,500 28,800,000
S6C 47,000 66,100 29,100,000
Sé6D 36,500 52,400 28,500,000
S6E 38,500 57,200 29,600,000
Average 41,400 57,180 29,200,000
Standard Dev. 4,080 5,850 541,000

1 psi = 0.00689 MPa

Table 2.5. Bridge I: Tensile test results of reinforcing obtained from test beam.

Specimen Yield Strength Ultimate Strength Young’s Modulus
psi psi psi
BarA . 33,400 49,800 28,900,000
BarB 34,300 51,400 29,500,000
Average 33,900 50,600 29,200,000
Standard Dev. 640 1,130 424,300

1 psi = 0.00689 MPa
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Figure 2.28. Bridge I: Typical stress-strain curves of bridge reinforcing.
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The rating of the beams increased from 373,650 N (42 tons) to 916,333 N (103 tons)
for the HS20-44 vehicle. For the Type 3 rating vehicle, the rating of the beams increased
from 311,376 N (35 tons) to 773,991 N (87 tons).

The rating of the hangers increased from 693,923 N (78 tons) to 1,743,703 N (196
tons) for the HS20-44 rating vehicle. For the type 3 rating vehicle, the rating increased from
587,165 N (66 tons) to 1,459,017 N (164 tons).

Finally, the rating of the arches decreased from 1,325,570 N (149 tons) to 676,130 N
(76 tons) for the HS20-44 rating vehicle and decreased from 1,147,640 N (129 tons) to
587,165 N (66 tons) for the Type 3 rating vehicle. The decrease in the rating of the arches
can be explained by the presence of a greater load distribution to other parts of the bridge
than was predicted by the analytical model. A summary of the theoretical and modified
rating for each component is presented in Table 2.6. The modified rating calculation for this
bridge is presented in Appendix B.

The overall rating of the bridge was governed by the deck since no strain data was
obtained to modify its theoretical load rating. Using the HS20 rating vehicle, the bridge
would still require load posting but using the Type 3 rating vehicle no load posting would be

necessary.
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Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RF, RFy R(tons) RF, RFy R(tons)
Slab: 0.94 1.50 SRR
Bcams: 11.18 . 2.87 103.3 1.43 35.8 3.48 87.0
Hangers: 2.19 78.8 5.47 196.9 2.64 66.0 6.59 164.8
Arches: 4.14 149.0 2.11 76.0 5.18 129.5 2.64 66.0

%@ indicates controlling component
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3. BRIDGE II: REINFORCED CONCRETE OPEN SPANDREL ARCH

3.1. Bridge Description

Like Bridge I, Bridge II was also a Marsh Arch Bridge. Built in 1919, Bridge II was
one lane and was located approximately one mile north of Bridge I on secondary county
(350™ St.) road over Beaver Creek in southwest Boone County. Average daily traffic for this
structure was 40 vehicles which consisted of local traffic. At the time of testing, this bridge
was also listed in the Iowa Historic Bridge Inventory. The layout and dimensions of the
bridge are presented in Figure 3.1; dimensions listed were obtained from field measurements.

Bridge II had a clear span of 25,910 mm (85 ft) and a roadway width from the inside
of curb to the inside of curb of 5,180 mm (17 ft). The bridge deck was 5,490 mm (18 ft)
wide and 205 mm (8 in.) thick. The layout of the reinforcement in the deck is presented in
Figure 3.2. Reinforcing in the longitudinal direction consisted of two layers of bars. The
reinforcing in the bottom layer consisted of 15 mm (5/8 in.) square bars on 150 mm (6 in.)
centers. Reinforcing in the top layer was located 75 mm (3 in.) above the bars in the bottom
layer and consisted of 15 mm (1/2 in.) diameter bars on 150 mm (6 in.) centers. The
reinforcement in the transverse direction consisted of 15 mm (1/2 in.) diameter bars on 610
mm (24 in.) centers.

The deck was supported by 10 transverse concrete beams spaced at 2,620 mm (8 ft -
7 in.) on center. The eight interior beams were attached to the hangers and the two end
beamns were located between the arches. The end beams were provided to support the deck
and to tie the arches together. As in Bridge I, there was a construction joint between the end
beams and the deck which allowed the deck to move independent of the arches.

The depth of the interior beams varied from the center of the bridge to the edge of the
deck due to the deck camber. At the centerline, the beams had a depth of 533 mm (21 in.)
measured from the bottom of the deck to the bottom of the beams. At the edge of the bridge,
the beams had a depth of 457 mm (18 in.) measured from the bottom of the deck to the
bottom of the beams.

Unlike the interior beams, the end beams were T-shaped. The flange had a thickness
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Figure 3.1. Continued.
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Figure 3.2. Bridge II: Deck reinforcement.

of 305 mm (12 in.) and width of 610 mm (24 in.). The web had a depth and a width of
381 mm (15 in.).

Reinforcing for the interior beams consisted of two 2 1/2in. x 2 1/2 in. x 1/4 in.
structural steel angles and two 25 mm (1 in.) square bars. The 25 mm bars were bent up at an

angle and
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terminated in a 90 degree hook at the end of the beam to provide shear reinforcement and
development.

Reinforcing in the end beams consisted four 29 mm ( 1 1/8 in.) square reinforcing
bars in the bottom of the web and four 19 mm (3/4 in.) square reinforcing bars in the top. To
provide for shear reinforcement, two of the 29 mm (1 1/8 in.) bars in the web were bent up at
an angle and extended into the arches for development. The configuration and reinforcing in

the interior and end beams are presented in Figure 3.3.
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Figure 3.3. Bridge II: Configuration and reinforcing details of transverse floor beams.
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As in Bridge I, the hangers were constructed of four 2 in. x 2 in. x 1/4 in. structural
steel angles encased in concrete. The hangers had a depth of 406 mm (16 in.) and a width of
178 mm (7 in.). The configuration and reinforcing details of the hangers are presented in

Figure 3.4.
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Figure 3.4. Bridge II: Configuration and reinforcing details of hangers.

The two arches had a rise of 5,870 mm (191t - 3in.), a constant width of 560 mm (22
in.), and thickness of 685 mm (27 in.) at the crown and 1,700 mm (5ft - 7in.) at the
abutments. Reinforcing consisted of four structural steel angles 3 in. x 3 in. x 5/16 in. which
were tied together by a series of steel lattice work. Figure 3.5 shows the configuration and

reinforcing details of the arches.

22" L3"x 3"x 5/16"
L 3"x 3" x 5/16" / _
[ I N
23"
A

1 3/4" x 1/4" Flat bars

Lattice reinforcement

a. Cross-section at centerline b. Profile

Figure 3.5. Bridge I: Configuration and reinforcing details of arches.
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3.1.1. Condition Assessment

The condition assessment for the bridge involved a thorough visual mspection of all
the components by the researchers and the obtaining of the previous mnspections reports.
From the most recent mspection conducted in 1995 the deck was given a condition rating of
3 and the superstructure was given a condiion rating of 5. The condition rating 1s based on a
scale which ranges from 0-9 where 0 represents failed condiuon and 9 represents excellent
condition. Due to the narrow roadway and the poor condition of the deck and superstructure.
the bridge was posted for one lanc and 15 tons

From the visual inspection conducted by the rescarchers. the arches. hangers, and
beams were m much better conditon than those of Bridge 1. however. the deck was

stgmticantly more detertorated. The arches showed severe scaling and spalling along their

entire lengths. The reinforcement in the south arch was exposed at the bottom face near the

a. Spalling and of south arch b. Deterioration at east abutment

Figure 53.6. Bnidge II: Photographs of arch deterioration.
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Unlike the condition of the hangers on Bridge L. only two hangers on Bridge 11
showed any deterioration. On the one hanger. the concrete had delaminated on the outside
face (stream side). On another hanger. the concrete had completely fallen off the inside face
{road side) exposing the reinforcing. Where the reinforcing was exposed. small amounts of
pitting and corrosion were noted. Photographs of the hanger deterioration are shown in

—

Figure 3.7
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Figure 3.7. Bridge II: Photographs of hanger deterioration.

Of all the components. the deck showed the worst deterioration: photographs of the
deck deterioration are shown in Figure 3.8. Approximately 75 mm (3 in.) of wearing surface
had been lost in the middle two thirds of the bridge. Due to the loss of section in the deck.
the top reinforcing bars were exposed at various locations. Also. along the bottom edges of
the deck. the reinforcing bars were exposed the entire length of the bridge. The exposed

reinforcing bars in the top and bottom of the deck were corroded and pitted.
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b. Exposed reinforcing at bottom cdge of deck

Figure 3.8, Bridge II: Photographs of deck deterioration.
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The floor beams showed no observable signs of deterioration. The concrete was
sound and no delamination or exposed reinforcement was noted.

As discussed in Sec. 2.1.1, the deterioration of the concrete can be attributed to many
factors. These include: the lack of air entrainment, poor mix design and control, poor
aggregate gradation, insufficient cover, etc.

As was previously discussed, this bridge was also periodically inspected. The only
repairs made to this bridge in the past 25 years were to the deck - asphalt was added to
several areas of the deck to improve the riding surface. These repairs kept the bridge in
operation, however, obviously did not improve the structural integrity of the bridge.

3.2. Demolition
As with Bridge I, this bridge was also demolished. Demolition began approximately
11 months after the diagnostic load testing was completed. Prior to the demolition, material
samples were removed from the bridge for laboratory testing. The samples collected
included: three concrete cores from the deck, three sections of reinforcing steel from the
deck, and two sections of structural steel angles from two different hangers. The locations
from where the material samples were obtained are presented in Figure 3.9.

Area where steel reinforcement Area where concrete core
samples were obtained samples were obtained
i !E . o se— 4
el |
I / \ | %
H
| | ﬁ \ ! |
b \ ‘
1 l“ _1‘
‘ i Fd
‘“— Hangers where structural steel — N
angle samples were obtained A

Figure 3.9. Bridge II: Material sample locations.
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To document the demolition, the process was video taped and photographed. Over
two hours of video footage were obtained of various stages of the demolition process. Also,
over 20 photographs were taken of various reinforcing and connection details and of different
stages of the demolition.

3.3. AASHTO Rating

As a result of the demolition of the bridge, the condition of the various components
and the exact locations and amounts reinforcement were determined. Also, from the
laboratory testing of the material samples, actual material strengths were attained. With this
information, a more precise theoretical load rating of the bridge could be determined.

The components that were analyzed to obtain an overall rating for the bridge
included: the floor beams, deck, hangers, and arches. The rating of the bridge was controlled
by the deck for the HS20 and Type 3 rating vehicles. The procedures followed to obtain the
rating factors for the various components were discussed in Sec. 2.3. The calculations used
to determine the rating factors of each of the components are presented in Appendix B. A
summary of the theoretical load rating is presented in Table 3.1.

Table 3.1. Bridge II: Theoretical load rating summary.

Vehicle HS20 Vehicle Type 3
AASHTO LRFR AASHTO LRFR

Rating Rating Rating Rating

Factor (tons) Factor (tons)
Slab: 0.79 s ey 1.30 b5 R30S
Beams: 1.65 . 1.79 44.8
Hangers: 321 115.6 3.50 87.5
Arches: 417 . 150.1 4.79 119.8

E:3# indicates controlling component

3.4. Test setup and Procedures
Strains produced by the test vehicle were monitored in the arches, hangers, and
beams. Also, to observe the general structural behavior of the bridge, deflections at various

locations were obtained.
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Figure 3.10. Bridge II: Location of deflection transducers.
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Deflections in the bridge were monitored at the centerlines of beam B6 and deck
panels S4, S5, and S6; see Figure 3.10 for the locations of the deflection transducers. Also,
deflections were monitored at the ends of beams B3, B6, and B8. These locations were
chosen to observe the behavior of the arches, deck panels and center beam as the test vehicle
moved across the bridge. All bridge deflections were obtained using the equipment and setup
described in Sec 1.6.1.

Strains were monitored at the crowns of the arches, at the centerline of beam B6, and
at the inside and outside faces of hangers HINS and HSS; see Figure 3.11 for the location of
the strain gages on the various components. Strains were not monitored in the deck due to
the excessive deterioration on the underside of the individual deck panels.

Strains were monitored at the crowns of the arches since they were determined to be
the most critical sections. Three strain gages were attached to each arch - one strain gage on
the center of the top face and one on the center of each side face.

Strains in beam B6 were monitored at the centerline of the member. Since no
concrete deterioration was present in the beam, one strain gage was bonded to the concrete in
the center of the beam.

The strain gages for hangers HNS and HSS were bonded to the structural steel angles
within each hanger. Before the strain gage could be attached, the concrete cover on the
inside and outside faces of the two hangers had to be removed. Once removed, strain gages
were bonded to two exposed angles located diagonally across from each other (see Fig.
3.11c). The types of strain gages used and the application process were discussed in
Sec. 1.6.1. . ‘

The type of vehicle and loading process used in testing the bridge were described in
Sec. 1.6.2. For this bridge, the loading was applied in three increments. In the first load
increment, the test vehicle had a gross vehicle weight of 115,655 N (26,000 1bs). In load
increments two and three, the test vehicle had a gross vehicle weight of 162,360 N (36,500
1bs) and 238,425 N (53,600 lbs), respectively. The magnitude of the load increments and
wheel configuration of the test vehicle presented in Figure 3.12; a photograph of the test

vehicle is shown in Figure 3.13.
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Figure 3.13. Bridge II: Photograph of test vehicle on bridge.



i 1 i B ; i i
1.1 1.2 1.3 1.5 1.7 1.9 110 (L1t 412
. — - & - —8-0 - M- 0 - B - - — B -8
14 1.6 1.8
2.1 22 23 25 2.7 29 210 {211 §i2.12
o - e-p—o -6 -N— -9 - — -4 - -
24 2.6 2.8
3.1 32 33 3.5 3.7 29 310 {3.11 }i3.12
o— - N -0- -8 O -8B - - — g -8 -
34 3.6 238
[ i i i il ;
2
a. Plan view
% €
4-6" . 14-6" 4-6" i ' I 14'-6" I
[ <) 4 ” 'y
= ¢ - 3
U 8"'7" 8“"7“[_] 80_7nu U [ uU U L "U
R8T T g T =t Pl
b. Truck position on beams c. Truck position on deck panels
Figurc 3.14. Bridge II: Longitudinaal location of test vehicle for various tests,
e _ 9000068000000 00C0800OT



Y

T

a. Lane |

ph of test vehicle i Lane |

b. Photoera

Transverse location of test vehicle on bridee.

P

Bridee 11

5.

Figure 3.1



5' - 6"

1' - 8"

Figure 3.15. Continued.



\“\(

101

To observe the structural behavior of the bridge and obtain maximum strains in the
various components, the test vehicle was stopped at beams B1 through B10 and deck panels
S4, S5, and S6.. At each location, strain and deflection readings were taken. The test vehicle
was positioned on the beams with the front wheel of the rear tandem centered over the
members and on the deck panels with the tandem wheel centered on the panels. Figure 3.14
shows the various positions of the test vehicle; the lane positioning of the test vehicle was
described in Sec. 1.6.2. and is shown in Figure 3.15.

3.5. Material Specimens

As previously described, material samples were obtained from the bridge before it
was demolished. The samples that were obtained for testing consisted of concrete cores from
the deck, structural steel reinforcing from the hangers, and reinforcing steel from the deck.

3.5.1. Test Equipment and Procedures

3.5.1.1. Concrete Core Samples

The compressive strength of the concrete was determined from three 102 mm (4 in.)
diameter cores obtained from the deck. The lengths of the three specimens varied due to the
deterioration of the deck. The specimen preparation and the test procedures followed were
the same as those used for the concrete cores obtained from Bridge I. Refer to Sec. 2.5.1.1
for a description of the specimen preparation, test procedures, and the testing equipment.

3.5.1.2 Steel Samples )

To obtain the yield strength of the reinforcing steel in the bridge, structural steel angle
specimens were removed from the hangers and reinforcing steel specimens were removed
from the deck. Refer to Figure 3.9 for the locations where the specimens were obtained.

Two of the four structural steel angles over 1,220 mm (4 ft) long in hangers HN2 and
HS7 were removed for testing. From the four sections of structural steel angle, three 457 mm
(18 in.) coupons were obtained from one of the legs of the angles. The final coupons were

then milled to remove any pitting or corrosion.
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Four 19 mm (3/4 in.) square reinforcing bars 1,220 mm (4 ft) long were removed

_ from the deck. From the four specimens obtained, three were selected for testing; the three
specimens were cut into 457 mm (18 in.) lengths and then milled to remove any pitting or
corrosion. The testing procedures followed were the same as those used for the steel
reinforcing specimens obtained from Bridge I. Refer to Sec. 2.5.1.3 for a description of the
test procedures and equipment.

3.6. Results and Discussion

3.6.1. Bridge 11

As was expected, the responses exhibited by the various components of Bridge II
were also very small. The strains obtained were significantly lower than the elastic strain
limits of the materials and the deflections were well below those which would cause any
cracking in the concrete.

The maximum strains at the centerline of beam B6 were obtained when the test
vehicle was located at load positions 1.9, 2.9, and 3.9. For all three load positions and
increments, the strain in the beam remained linear. The linear response of the beam is shown
in Figure 3.16 for the three load positions and increments. At load increment three, the strain
in the beam ranged from a maximum of 53 microstrain at load position 3.9 to 51 and 47
microstrain at load positions 2.9 and 1.9, respectively. The same linear response was
exhibited at load increments one and two. At load increment two and load positions 1.9, 2.9,
and 3.9, the strain in the beam was 34, 39, and 38 microstrain, respectively. At load
increment one, the strain in the beam was 24, 28, and 26 microstrain, respectively. The
maximum recorded strain in the beam of 53 microstrain was 40% of 131 microstrain obtained
from the analytical model using the same loading (configuration and magnitude).

Like the strains, the deflection at the centerline of beam B6 was maximum at load
positions 1.9, 2.9, and 3.9 and remained linear for the three loading increments. At load
position 1.9, the deflection ranged from 1.27 mm (0.05 in.) at load increment one to 3.56
(0.14 in.) at load increment three. At load position 2.9, the deflection ranged from 1.52 mm
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€0.06 in.) at load increment one to 2 maximum of 4.06 mm (0.16 in.) at load increment three.
At load position 3.9, the deflection response of the beam was similar to that obtained at load
position 1.9 - 1.27 mm (0.05 in.) at load increment one to 3.30 mm (0.13 in.) at load
increment three. Figure 3.17 shows the centerline deflection of the beam for the three load

increments and positions.

Total Load, kips
(F¥ ]
<
0N
\

\
\

= Load Pos. 1.9 | |
~ Load Pos.2.9 |
< Load Pos. 3.9 | !

)
o
t

0 25 50 75
Microstrain

Figure 3.16. Bridge II: Bottom strain at centerline of beam B6.

Figure 3.18 shows the centerline deflection of each slab for the three load increments
and position. The largest deflections in the; bridge occurred at the centerline of deck panels
S4, S5, and S6. For the three load increments, the deflection response of each slab remained
linear and did not vary with the transverse positioning of the test vehicle. In panel S4, the
largest deflection occurred at load increment three and load positions 1.4, 2.4, and 3.4. At
load increment three, the deflections remained relatively constant and ranged from 3.30 mm
(0.13 in.) at load position 1.4 to 3.56 mm (0.14 in.) and 3.30 mm (0.13 in.) at load positions
2.4 and 3.4, respectively. The same uniform response was exhibited at load increments one

and two.
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Figure 3.17. Bridge II: Centerline deflection of beam B6.

Slabs S5 and S6 exhibited the same response with S6 having slightly higher
deflections for the three load increments. In panel S5, the largest deflection occurred at load
increment three and load positions 1.6, 2.6, and 3.6; the deflections remained relatively
constant and ranged from 4.06 mm (0.16 in.) at load position 1.6 to 4.06 mm (0.16 in.) and
3.81 mm (0.15 in.) at load positions 2.6 and 3.6, respectively.

In panel $6, the largest deflections also occurred at load increment three and load
positions 1.8, 2.8, and 3.8; maximum deflections obtained were 4.32 mm (0.17 in.), 4.57 mm
(0.18 in.), and 3.81 mm (0.15 in.), respectively. The same uniform response was also
exhibited at load increments one and two.

The response of hangers HNS and HSS was similar to those in Bridge I. The strains
remained linear and well below the yield strain of the material for all three load increments.
Also, as the loading increased, bending perpendicular to the roadway was observed in both
hangers. The bending resulted from the deflection of beam B6 and the subsequent rotation of
the ends. At load position 1.9 and load increments one, two, and three, the maximum tensile
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Figure 3.18. Bridge II: Centerline deflection of deck panels.
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strain in HNS was 41, 64, and 95 microstrain, respectively; this strain occurred in the angle
on the inside face of the hanger. At the same load increments and position, the strain in the
angle on the outside face of the hanger was -4, 1, and 11 microstrain, respectively.

The same behavior was observed in hanger HS5. At load position 3.9 and load
increments one, two, and three, the maximum tensile strain which occurred in the angle on
the inside face of HSS was 36, 60, and 90 microstrain, respectively. At the same load
increments and position, the strain in the angle on the outside face of the hanger was -2, -1,
and 7 microstrain, respectively.

Overall, the maximum strain values of 95 and 90 microstrain obtained from hangers
HNS5 and HS5, respectively are significantly lower than the 1,441 microstrain required to
yield the reinforcement. The strains in hangers HNS and HSS are presented in Figure 3.19
for load positions 1.9, 2.9, and 3.9 and the three loading increments.

Like the magnitude of the strains in the beam and hangers, the magnitude oi" the
strains in the arches remained well below the elastic limit of the material. The largest strains
at the crown of the north and south arches were obtained when the test vehicle was located at
load positions 1.9 and 3.9 respectively. At these load positions, bending was observed in
both arches. At load position 1.9 and load increments one, two, and three, the compressive
strain in the concrete at the top face of the north arch was 19, 30, and 51 microstrain,
respectively. At the same load positions for the three load increments, the average
compressive strain in the north and south faces of the arch was 8, 10, and 15 microstrain.

The behavior of the crown of the south arch mirrored that of the north arch with the
magnitude of the strains being slightly smaller. At load position 3.9 and load increments one,
two, and three, the compressive strain in the concrete at the top face of the arch was 14, 26,
and 34 microstrain, respectively. At the same load positions for the three load increments,
the average compressive strain in the north and south faces of the arch was 8, 13, and 16
microstrain. The strain in the top faces of the north and south arches for the three load
increments are presented in Figure 3.20.

The strains measured in the crowns of the north and south arches were significantly

lower than the strains at which compression failure of the concrete occurs. Compression
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Figure 3.19. Bridge II: Strain in hangers.
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failure of concrete is typically taken at 3,000 microstrain which is considerably higher than
the 51 microstrain obtained from the top face of the north arch.

As the test vehicle moved across the bridge, deflections in the north arch were
obtained at HN2, HNS5, and HN7; similarly, deflections in the south arch were obtained at
HS2, HS5, and HS7. The largest deflection of the north arch occurred at location HN2 when
the test vehicle was at load position 1.3. At load increments one, two, and three, the
deflection of the north arch at HN2 was 1.02 mm (0.04 in.), 1.52 mm (0.06 in.), and 2.29 mm

-(0.09 in.), respectively. At load position 1.9, the deflections at HNS were 0.76 mm (0.03 in.),

1.27 mm (0.05 in.) and 1.78 mm (0.07 in.), respectively. At load position 1.11, deflections at
HN7 were 0.76 mm (0.03 in.), 1.27 mm (0.05 in.), and 1.78 mm (0.07 in.), respectively.

The magnitude of the deflections of the south arch were similar for all three load
increments. Like the north arch, the maximum deflection occurred at HS2 when the test
vehicle was at load position 3.3. At load increments one, two, and three, the deflection of the
south arch at HS2 was 0.76 mm (0.03 in.), 1.52 mm (0.06 in.), and 2.03 mm (0.08 in.),
respectively. At load position 3.9, the deflections at HS5 were 1.02 mm (0.04 in.), 1.27 mm
(0.05 in.), and 2.03 mm (0.08 in.), respectively. At load position 3.11, deflections at HS7
were 0, 1.02 mm (0.04 in.), and 1.78 mm (0.07 in.), respectively. The defections of the north
and south arches at HN2 and HS2 for the three load increments are presented in Figure 3.21.
It should be noted that the deflections obtained include the very small deformations in the
hangers since the deflection transducers were attached to the bottom of the beams and not

directly to the arches.

3.6.2. Concrete Core Samples

From the three concrete cores obtained from the deck of the bridge, the average
compressive strength was determined. The results of the tests ranged from a low of 30.7
MPa (4,450 psi) to a high of 31.9 MPa (4,630 psi) with an average compressive strength of
31.3 MPa (4,550 psi). This is considerably higher than the 22.8 MPa (3,300 psi) which is the
assumed value when the compressive strength of the concrete is unknown [1]. The

compressive strength results for the concrete core tests are presented in Table 3.2.
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Table 3.2. Bridge II: Results of concrete compressive strength tests.

Specimen Compressive Strength
psi
A 4,450
B 4,560
C 4,630
Average 4,550
Standard Deviation 91

1 psi = 0.00689 MPa

3.6.3 Steel Samples

The yield stress of the steel specimens was greater than the usually assumed values
for steel from the period in which the bridge was built.

The average yield stress of the three structural steel specimens obtained from the
hangers was 288 MPa (41,800 psi). The yield stress values ranged from a low of 280 MPa
(40,600 psi) to a high of 301 MPa (43,700 psi). For unknown steel in structures built
between 1905 and 1936, the assumed minimum yield strength of the steel is 207 MPa
(30,000 psi) [1]. Results of the tensile tests performed on the structural steel specimens are
presented in Table 3.3.

The average yield strength of the reinforcing steel was determined from the specimens
obtained from the deck. Results from the tests ranged from a low of 310 MPa (44,900 psi) to
a high of 361 MPa (52,400) with an average yield strength of 327 MPa (47,400 psi). The
assumed yield strength of reinforcing steel in structures built prior to 1954 is 228 MPa
(33,000 psi) [1]. Results of the tensile tests performed on the reinforcing steel specimens are
presented in Table 3.4. The high modulus of elasticity values are a result of the extensometer
malfunctioning at the time of testin g

Overall, the yield strength of the structural and reinforcing steel is considerably higher
than the assumed values for unknown steel in structures built during this period. Typical

stress-strain curves for the steel specimens are presented in Figure 3.22.
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Table 3.3. Bridge II: Structural steel tensile test results.

Specimen Yield Strength Ultimate Strength Young’s Modulus
psi psi psi
H1 41,100 62,400 30,900,000
H2 40,600 62,800 30,200,000
. H3 43,700 62,500 29,300,000
Average 41,800 62,600 30,100,000
Standard Dev. 1,660 208 800,000

1 psi = 0.00689 MPa

Table 3.4. Bridge II: Tensile test results of reinforcing obtained from deck.

Specimen Yield Strength Ultimate Strength Young’s Modulus
psi . psi psi
Rl 44,900 72,400 38,200,000*
R2 45,000 71,100 43,000,000*
R3 52,400 76,800 31,300,000
Average 47,400 73,400
Standard Dev. 4,300 2,990

I psi = 0.00689 MPa

*Experimental error

3.7. Modified Rating

Using the strains obtained from the diagnostic load test, the theoretical load rating
was modified using the procedure outlined in Sec. 1.7. Overall, the ratings of the beams,
hangers, and arches increased while the rating for the deck remained unchanged since no
strain data were obtained for this element.

The rating of the beams increased from 528 kN (59 tons) to 1,183 kN (133 tons) for
the HS20-44 rating vehicle. For the Type 3 rating vehicle, the rating of the beams increased
from 391 kN (44 tons) to 899 kN (101 tons).
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Figure 3.22. Bridge II: Typical stress-strain curves of bridge reinforcing.
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The rating of the hangers increased from 1,023 kN (115 tons) to 2,020 kN (227 tons)
for the HS20-44 rating vehicle. For the Type 3 rating vehicle, the rating increased from 774
kN (87 tons) to 1,530 kN (172 tons).

Finally, the rating of the arches increased from 1,334 kN (150 tons) to 1,592 kN (179
tons) for the HS20-44 rating vehicle. For the Type 3 rating vehicle, the rating increased from
1,059 kN (119 tons) to 1,272 kN (143 tons). A summary of the theoretical and modified
rating for each component is presented in Table 3.5. The modified rating calculations are
presented in Appendix B.

The overall rating of the bridge was governed by the deck since no strain data were
obtained to modify its theoretical load rating. The bridge would still require load posting for
the HS20 vehicle; however, no load posting would be required for the Type 3 vehicle.
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Table 3.5. Bridge II: Rating summary.

Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RE, RF; R(tons) RF, RFy R(tons)
Slab: 0.79 R S 1.30 Seera) 42
Beams: 1.65 594 3.72 133.9 1.79 44.8 4.04 101.0
Hangers: 3.21 115.6 6.32 227.5 3.50 87.5 6.89 1723 a
Arches: 4.17 150.1 4.98 179.3 4.79 119.8 5.72 143.0
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4. BRIDGE III: REINFORCED CONCRETE SLAB

4.1. Bridge Description

The third bridge to be service load tested was a reinforced concrete slab bridge. This
particular bridge was located on a secondary county road (150™ St.) in northeast Boone
County over a tributary of Squaw Creek. The ADT for this structure was 35 vehicles as of
1987. Built in 1920, this bridge is one of nearly 1,000 slab bridges still remaining within the
state of Jowa. Figure 4.1 shows the layout of this bridge; the dimensions shown were
obtained from field measurements.

Bridge III had a clear span of 6,705 mm (22 ft) and a total width of 6,095 mm (20 ft).
The roadway width from the inside of curb to the inside of curb was 5,590 mm (18ft - 4in.).
The thickness of the deck varied from a maximum of 535 mm (21 in.) at the center to a
minimum of 485 mm (19 in.) at the edges. The reinforcement details are shown in Figure 4.2.
Reinforcement in the slab consisted of one layer of 19 mm (3/4 in.) square reinforcing bars
spaced at 150 rnm (6 in.) on center in the longitudinal direction and 13 mm (1/2 in.) round
reinforcing bars spaced at 460 mm (18 in.) on center in the transverse direction. During
construction, an asphalt felt material was placed on top of the abutments before the deck was
cast to provided separation between the slab and the abutments. This separation allowed the
deck to slip and rotate freely under applied loading which allowed the bridge to be designed
as simply supported.

4.1.1. Condition Assessment

Prior to the diagnosﬁc load test, previous inspection reports for the bridge were
obtained and a thorough visual inspection was conducted by the researchers. The latest
inspection conducted in 1993 showed a condition rating of 5 for the deck and a condition
rating of 7 for the superstructure. The lower rating for the deck was due to exposed rebar on

the bottom of the slab; the bridge was posted for narrow roadway.
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Figure 4.1. Bridge III: Lavout.

a. Elevation

b. Photograph of bridge profile
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Figure 4.1. Continued.

d. Photograph of Bridge 1T looking West
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Figure 4.2. Bridge IIl: Slab reinforcement details.

At the time the visual inspection was conducted by the researchers, the deterioration
in the bottom of the slab had not been repaired. Spalling of the concrete was observed at
each of the four floor drain openings. At one of the openings, the spalling was so severe that
a large section of the longitudinal reinforcing bars was exposed. The exposed reinforcing had
moderate corrosion. The railings, wing walls and abutments were in good shape and showed

no signs of serious deterioration. A photograph of the exposed reinforcement previously




Figure 4.3, Bridge I1I: Photograph of exposed reinforcement in slab.
described 1s shown in Figure 4.3,

4.2. AASHTO Rating

Using the information obtained from the visual inspection. the condition of the slab
was assessed and the theoretical foad rating factors were calculated . The vehiceles and
procedures used to obtain the rating factors were described in Sees. T4 and 1.7, respectively.
The material strengths of the concrete and reinforcing steel were assumed 1o be 28 MPu
(4000 psiy and 228 MPa (33,000 psi) respectively. The modualus of elasticity of the concrete
was determined using the equation B = 5000 \I (37.000 \f ). The modulus of elastcity of
the steel was taken as 200,000 MPa (29.000.000 psi). Using the HS20-44 ratng vehicle. the
slab was aiven a load rating of 0,610 with the Type 3 vehiele the bridee had a load rating of
0.69. The caleulations used to obtain the load raungs are presented 11 Appendix B.

Table 4.1 shows the results of the theoretical load rating for the two rating vehicles.
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Table 4.1. Bridge III: Theoretical load rating summary.

Vehicle HS20 Vehicle Type 3
AASHTO LRFR AASHTO LRFR
Rating Rating Rating Rating N
Factor (tons) Factor (tons) i
Slab 0.61 22.0 0.69 17.3

4.3. Test Setup and Procedures

To obtain material and general structural behavior, strains and deflections were
monitored at various locations. A diagram of the strain gage and deflection transducer
locations is shown in Figure 4.4. As can be observed, strain gages were bonded on the
bottom of the slab at the centerline and near the west abutment. Also, one strain gage was
bonded to the top of the south railing at the centerline. The strain gages were placed in order
to obtain the maximum strain in the deck and to also observe strain behavior in the deck as
the test vehicle was placed in various locations.

Two strain gages were placed on the bottom of the deck at a distance of 305 mm (1 ft)
from the west abutment. The strain gages were placed transversely at the quarter points of
the slab. These strain gages were added to determine if the deck was free to rotate under the
applied loading. The types of strain gages used and the application process were discussed in
Sec. 1.6.1.

The deflections of the bridge were monitored at the centerline and at the west quarter
point. As shown in Figure 4.4a, three deflection transducers were mounted transversely
across the bottom of the deck at the centerline. The same setup was used at the quarter point
except that the deflections at the north edge and the center were the only ones obtained due to
a malfunctioning deflection transducer at the south edge. The deflections were obtained
using the equipment and setup described in Sec. 1.6.1. O

The type of vehicle and loading process used in the testing the bridge were described ¢
in Sec.1.6.2. For this bridge, the loading was applied in three increments. In the first load ¢
increment, the test vehicle had a gross vehicle weight of 95,635 N (21,500 1bs). In load ¢
increments two and three, the test vehicle had a gross vehicle weight of 173,401 N (39,000 '
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Ibs) and 307,815 N (69,200 Ibs), respectively. The magnitude of the load increments and
wheel configuration of the test vehicle are presented in Figure 4.5; a photograph of the test
vehicle is shown in Figure 4.6.

The deflection and strain behavior of the bridge were observed by stopping the test
vehicle at various longitudinal and transverse locations. Longitudinally, the test vehicle was
stopped at the east quarter point, center, and west quarter point; these locations are shown in
Figure 4.7. Ateach location, the test vehicle was positioned so that the front axle of the rear
tandem was centered on the desired location. Once the vehicle had been positioned, strain
and deflection readings were taken. The transverse lane positioning of the test vehicle was

described in Sec. 1.6.2 and is shown in Figure 4.8.

4.4. Results and Discussion

The response of the bridge to the applied loading was linear for both strains and
deflections. Also, the magnitude of the strains and deflections was extremely small which
suggests that the structure has significant more strength than was predicted by the theoretical
load rating in Sec. 4.3, |

The strains at the centerline of the bridge varied depending on the placement of the
test vehicle. With the test vehicle located at load position 1.2, the strains at G1 and G3 were
maximum for the three load increments whereas the strains at G2, G4, and G5 remained
small. The strains at G1 and G3 ranged from 3 microstrain at load increment one to 17 and
16 microstrain respectively for load increment three. ‘

At load position 2.2, the maximum strain was recorded at G3 (center) for the three
load increments. This is expected since the railings add stiffness to the edge of the deck
which results in smaller strain readings at the edges. The strain values at G3 ranged from 5
microstrain at load increment one to 19 microstrain at load increment three.

The largest strain readings at G5 occurred when the load was in position 3.2. The
strain ranged from 6 microstrain at load increment one to 28 microstrain at load increment

three. The strains at G2 and G4 were the lowest for the three load positions and load

0000000008000 08C80080
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Figure 4.5, Bridge 1I: Wheel configuration and weight distribution 1n test vehicle.

Figure 4.6. Bridge HI: Photograph of test vehicle on bridge.
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Figure 4.9. Bridge IIl: Longitudinal strains at bridge centerline.
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increments. Figure 4.9 illustrates the distribution of the strains at the centerline of the slab
for the three load increments and load positions 1.2, 2.2, and 3.2.

The response of the bridge was consistent for the three load increments and load
positions. When the test vehicle was located in lanes one and three, maximum strains were
recorded at the edges and when the test vehicle was located in lane two, maximum strains
were recorded at the center. As shown by the graphs in Figure 4.9, the strains obtained were
extremely small. The maximum strain recorded was 28 microstrain which is over 4.5 times
smaller than the strain (130 microstrain) at which tensile cracks begin to form in concrete.
The linear response exhibited by the slab is shown by Figure 4.10 which plots the strain at G3

verses the three load increments for load positions 1.2, 2.2, and 3.2.
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Figure 4.10. Bridge III: Strains at bridge centerline.

The strains recorded at G6 and G7 indicates that the slab was rotating at the

abutments and was not fixed. For the three load increments and various load positions, the
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strains at G6 and G7 remained positive. Thus, the analysis of the slab as a simply supported
member is justified.

Like the strains, the deflections at the centerline of the slab were also very small.
With the test vehicle located at load position 1.2, the deflection at the south edge of the slab
ranged from a minimum of 0.03 mm (0.001 in.) at load increment one to a maximum of 0.30
mm (0.012 in.) at load increment three.

The maximum deflection of the slab was attained when the test vehicle was at load
position 2.2 . The slab deflected 0.41 mm (0.016 in.) at load increment three. Also, at this
load position, the stiffening affect of the railings was quite noticeable. At load increment
three, the deflections at the north and south edges of the slab were 0.13 mm (0.005 in.) while
at the center of the slab the deflection was 0.41 mm (0.016 in.).

The deflection of the north edge of the slab was similar to the deflection of the south
edge of the slab. With the test vehicle located at load position 3.2, the deflection of the north
edge ranged from a minimum of 0.03 mm (0.001 in.) at load increment one to a maximum of
0.28 mm (0.011 in.) at load increment three. Graphs showing the transverse deflection at the
bridge centerline for load increments one, two, and three, and load positions 1.2,2.2, and 3.2
are presented in Figure 4.11.

Graphs showing the deflections obtained from the center transducers at the centerline
and west quarter point for the three load increment are presented in Figure 4.12. The
deflection response of the bridge at the west quarter point was less than that at the
centerline. At load increments one and two, no deflections were observed at the edge of the
slab or at the centerline for load positions 1.3, 2.3, and 3.3. At load increment three and load
positions 1.3, 2.3, and 3.3, the center deflection was 0.08 mm (0.003 in.), 0.15 mm (0.006
in.), and 0.05 mm (0.002 in.), respectively.

4.5. Modified Rating
Using the strain data obtained from the diagnostic load test and the procedure
described in Sec 1.7., the theoretical load rating was modified. The test strain values used in

the modified rating procedure were the strains at the centerline of the slab averaged for load
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increment three and load positions 1.2, 2.2, and 3.2. The largest of the three values was
selected - 13 microstrain when the test vehicle was located at load position 3.2, For the same
load position and load increment, the theoretical strain calculated in the bottom of the slab
was 84 microstrain.

The large difference in the theoretical and test strain values can be explained by the
presence of the railings. The addition of the railings adds considerable stiffness to the edges
of the deck which results in smaller strain and deflection values. In the determining the

theoretical strain in the bottom of the slab, the increased stiffness provided by the railings

was neglected resulting in higher predicted strain.

The results obtained from the diagnostic load test allowed the theoretical load rating
to be significantly increased. The rating of the slab increased from 195,720 N (22 tons) to
960,815 N (108 tons) for the HS20 rating vehicle. For the Type 3 rating vehicle, the rating of
the slab increased from 151,240 N (17 tons) to 756,195 N (85 tons). A summary of the
theoretical and modified rating is presented in Table 4.2. The rating calculations for the slab
are presented in Appendix B.

The results of the diagnostic load test clearly indicate the conservative response
predicted by traditional analytical procedures and standard ASSHTO rating methods.
Without the diagnostic load test, the bridge would have to be posted for both the HS20 and
Type 3 vehicles. In reality, the bridge has considerable reserve capacity.
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Table 4.2. Bridge' HI: Rating Summagx.

Vchicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating _ AASHTO LRFR Modified Rating
RF, R RFy R RF, R RFr R o
(tons) (tons) (tons) (tons) w

Slab 0.61 22.0 3.02 108.7 0.69 17.3 341 85.3
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5.BRIDGE IV: FILLED REINFORCED CONCRETE SPANDREL ARCH

5.1. Bridge Description

The third type of bridge to be service load tested was a filled reinforced concrete
spandrel arch located in the northwest corner of Marshall County over Minerva Creek. Like
the previous bridges tested, Bridge IV was also one lane and located on a secondary county
(140‘h St.) road. The ADT for the bridge was 40 vehicles. Constructed in 1912, this
particular type of filled reinforced concrete spandrel arch bridge was designed and patented in
the early 20" century by Daniel B. Luten and hence is known historically as a Luten Arch
Bridge. What made this arch different from other arches built during this period was the
implementation of a curved reinforced concrete slab which was located beneath the stream
bed. The slab was provided to tie the abutments together and to reduce the thrust to the
foundation allowing for smaller footings. At the time of testing, there were five Luten Arch
Bridges remaining within the state of Jowa and all were listed on the Iowa Historic Bridge
Inventory. The Jayout for this bridge is presented in Figure 5.1; all dimensions were obtained
from field measurements.

Bridge IV had a clear span of 19,200 mm (63 ft), a rise of 2,740 mm (9 ft), and a total
width of 5,180 mm (17 ft). The roadway measured 4,675 mm (15 ft - 4 in.) from the inside
of curb to the inside of curb and had two reinforced concrete railings 915 mm (3 ft) high and
205 mm (8 in.) wide. Due to extensive damage, a portion of the north railing had been
removed and replaced by a terr‘xporary railing consisting of four angle posts and a timber hand
rail. The thickness of the arch at the crown, determined by drilling a series of cores, was 330
mm (13 in.).

Because of the age of Bridge IV, no as built plans or design drawings could be
located. To determine the thickness of the arch ring at the abutments and the arrangement of
the reinforcement, the remaining four Luten Arches in the state were researched. Of the four
bridges, the layout and plans for the Luten Arch Jocated in Story County most closely
resembled the bridge being tested. The Story County Luten Arch was 3,960 mm (13 ft)
longer, rose 1220 mm (4 ft) higher and had a crown thickness 75 mm (3 in.) greater than



a. Elevation

b. Photograph of bridge profile

Figure 5.1. Bridge IV: Layout.
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Figure 5.1. Continued.
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Bridge IV. Also, the thickness of the arch at the abutments was 1,040 mm (41 in.). Using
these dimensions, the thickness of the arch ring at the abutments for Bridge IV was
proportioned and assumed to be 840 mm (33 in.).

The reinforcement for the Story County Luten Arch consisted of two layers of 22 mm
(7/8 in.) diameter bars spaced at 305 mm (12 in.) on center. The top bars were offset 150 mm
(6 in.) from the bottom bars. The distance from the center of the bars to the to the top and
bottom faces of the arch ring was 50 mm (2 in.). Due to extensive deterioration on the
underside of Bridge IV, the reinforcing bars had become exposed in various areas. The
exposed bars were undeformed, 19 mm (3/4 in.) in diameter, and spaced at 305 mm (12 in.)
on center. Because this reinforcement spacing matched that of the reinforcement spacing of
the Story County Luten Arch, the researchers assumed that there was also a layer of the same
size bars in the top of the arch ring. These bars were assumed to be at the same spacing as
the bottom bars and offset 150 mm (6 in.). Figure 5.2 shows the assumed reinforcement

configuration in Bridge IV.

Figure 5.2. Bridge IV: Assumed configuration and reinforcing details at crown of arch.

Two spandrel walls were constructed along each side of the arch ring to retain the
roadway material. Because no plans were available, the thickness of the walls were
unknown. The fill material for the roadway was approximately 1,880 mm (6 ft - 2 in.) deep
at the abutments and tapered with the shape of the arch to zero depth 1,220 mm (4 ft) from
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the centerline of the arch. At the point where the fill material stopped. the top of the arch was

exposed and became the roadway surface (see Fig. 5.1d).

5.1.1. Condition Assessment

Like m the previous bridges tested. old inspection reports were obtained and a
thorough visual inspection was conducted by the researchers prior to the diagnostic load test.
From the latest inspection conducted in 1994, the superstructure and the substructure were
both given an overall condition rating of 4 which 1s considered poor on the rating scale used.
Even with a low condition rating. the only recommended posting was for a one lane bridge.

The visual inspection of the bridge conducted by the researchers revealed
considerable damage and deterioration at various locations. As previously mentioned. the

north rathing had been damaged to the point were a temporary replacement was needed. A

23

photograph of the replacement rathng 1s presented in Figure 3.3,

Figure 5.3. Bridge I'V: Photograph of damaged railing.

Considerable damage and deterioration was also noted at the northwest wing wall.
Due to extensive undermining from the stream, the wing wall had broken loose from the

abutment and had begun shding into the creek. A photograph of the damaged wing wall is




Figure 5.4, Bridge IV. Photograph of northwest wing wall.

presented Figure 5.4,

On the underside of the bridge. severe spalling was observed along the north edge and
across the entire width of the arch at the crown. The spalling was so severe in certain
locauions that the reinforcing steel had become exposed. The exposed reinforcing steel was
heavily corroded and had considerable loss of section. A typical photograph of the exposed
reinforcing steel 1s presented 1n Figure 5.5,

Finally. the bottom of the stream was probed to determine if the reinforced concrete
slab which tied the abutments together still remained. After digging at vartous locations. the
slab could not be located. It was assumed that the slab was either not constructed or had been

washed away.

5.2. AASHTO Rating
After conducting the visual inspection of the bridge and determining actual

dimensions. an analytical model was constructed and analyzed using structural analysis



Figure 5.5. Bridge I'V: Photograph of exposed reinforcing steel on underside of arch.

seftwars, From rhe analvtical model. the theoretical load rating factors for the vehicles
described in Sec. 1.4 were calculated. The method and procedures used to obtain the rating
tactors were described in Sec. 1.7. Using the HS20-44 rating vehicle. a rating factor of 7.18
was calculated. Using the Type 3 rating vehicle . a rating factor of 8.39 was calculated. The
large rating factors can be attributed to the wide distribution of the wheel loads through the
deck as per AASHTO guidelines. The distribution of the load through the soil fill results in
an area load over the arch. The effects obtained from an area load are considerably less than
those of a point load under the same loading  In determining the magnitude of the distributed

load onto the arch. the guidelines outhined 1n the Standard Specification for Highwayv Bridges

[12] were followed. The calculations used to obtain the load rating factors are presented in
Appendix B. Table 5.1 shows the results of the theoretical load rating for the two rating

vehicles.
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Table 5.1. Bridge IV: Theoretical load rating summary.

Vehicle HS20 Vehicle Type 3
AASHTO LRFR AASHTO LRFR
Rating Rating Rating Rating
Factor (tons) Factor (tons)
Arch 7.18 258.5 8.39 209.8

5.3. Test Setup and Procedures

To obtain material and general structural behavior, strains and deflections were
monitored at various locations. The locations of the strain gages and deflection transducers
are presented in Figure 5.6. Strain gages were bonded on the bottom of the arch at the
centerline and at the east quarter point. The four centerline strain gages were placed
uniformly across the arch beginning at 305 mm (1 ft) from the south edge. A strain gage was
not placed at 305 mm (1 ft) from the north edge because of the severe spalling at this
location.

Three strain gages were also located at the east quarter point of the arch. The strain
gages were placed transversely at the quarter points and the centerline. The types of strain
gages used and the application process were discussed in Sec. 1.6.1.

The bridge deflections were also monitored at the centerline and at the east quarter
point of the arch. As shown in Fig. 5.6a, three deflection transducers were mounted
transversely across the bottom of the arch at the crown and at the east quarter point. The
deflections were obtained using the equipment and setup described in Sec. 1.6.1.

The type of vehicle and loading process used in the testing of the bridge were
described in Sec. 1.6.2. For this bridge, the loading was applied in four increments: 117,000
N (26,300 Ibs), 167,300 N (37,600 Ibs), 221,100 N (49,700 Ibs), and 271,300 N (61,000 1bs),
respectively. The wheel configuration and load distribution in the test vehicle are presented
in Figure 5.7, while a photograph of the test vehicle is shown in Figure 5.8.

The deflection and strain behavior of the bridge were observed by stopping the test
vehicle at various longitudinal and transverse locations. Longitudinally, the test vehicle was
stopped at the east quarter point, center, and west quarter point. At each location, the test

vehicle was positioned such that the front axle of the rear tandem was centered on the
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Figure 5.6. Continued.
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Load F R Total Load
Increment | (kips) (kips) (kips)
I 12.2 14.1 263
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Figure 5.7. Bridge I'V.

Figure 5.8. Bridge IV:

Wheel configuration and weight distribution in test vehicle.

Photograph of test vehicle.
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stopping location. Once the vehicle had been positioned, strain and deflection readings were
taken. The stopping locations for the various tests are shown in Figure 5.9. It should be
noted that at the west 1/4 pt. the front axle of the test vehicle was off the bridge and the
responses measured were a result of the rear tandem alone. The transverse lane positioning

of the test vehicle was described in Sec 1.6.2 and is shown in Figure 5.10. -

5.4. Results and Discussion

Both strains and deflections remained linear for the various loadings and were well
below the elastic limit of the material (see Fig 5.12). This response was similar to the
responses obtained from the previous bridges tested.

The maximum strains in the bridge occurred at the crown and varied across the width
of the arch depending on the location of the test vehicle. At load position 1.2, the maximum
strains were recorded at G4 for the four load increments. The strains ranged from a
maximum of 58 microstrain at load increment four to 16 microstrain at load increment one.
The strain then decreased to a minimum at G6 (center) and then increased at G7. The strain
at G6 and G7 ranged from 25 microstrain and 31 microstrain respectively at load increment
four to 7 microstrain and 12 microstrain respectively at load increment one.

The same strain behavior was also observed at load position 2.2. The highest strains
were measured at the edges of the arch and the lowest were measured at the center. The
maximum strains were measured at G4 and G7 while the smallest strains were measured at
G6. The strains at G4 and G7 ranged from a maximum of 36 microstrain and 39 microstrain,
respectively at load increment four to 11 microstrain and 14 microstrain at load increment
one. At G6, the strains ranged from a maximum of 22 microstrain at load increment four to 7
microstrain at load increment one.

At load position 3.2, the strains were maximum along the loaded edge and then
decreased to a minimum along the unloaded edge. At G7, the maximum strain ranged from
45 microstrain at load increment four to 16 microstrain and load increment one. The smallest

strains were measured at G4 and ranged from 23 microstrain at load increment four to 7

microstrain at load increment one. The variation of the longitudinal strains across the crown
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Figure 5.11. Bridge IV: Longitudinal strains at bridge centerline.
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of the arch for the various load increments and positions is presented in Figure 5.11.

The strains measured at the east quarter point remained in the single digits for all load
positions and load increments. For the various loadings and positions, compressive behavior
was observed across the entire width of the arch. The strain values ranged from 0 microstrain
at load increment one to 9 microstrain at load increment four. As in the strains at the crown
of the arch, the strains at the quarter point were maximum near the edges (G1 and G3) and
minimum at the center (G2).

Even though the response of the bridge was unexpected, the strains still remained
linear for all loading positions and increments. Figure 5.12 shows the average strain values at
the crown of the arch versus the four load increments. The maximum average strain of 38
microstrain occurred at Joad increment four and load position 1.2. This average strain value

is approximately 1/4 the strain (approx. 130 microstrain) at which tensile cracks develop in

concrete.
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Figure 5.12. Bridge IV: Average strains at bridge centerline.
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The deflection behavior of the bridge at the crown was similar to the behavior
exhibited by the measured strains for the various loading positions and increments. At load
positions 1.2 and 2.2, the edges of the arch had a higher deflection than the center. At load
position 1.2, the maximum deflection occurred at the south edge and ranged from 0.53 mm
(0.021 in.) at load increment one to 1.91 mm (0.075 in.) at load increment four. As in the
strain readings, the deflection of the arch decreased at the center and then increased at the
north edge. The deflections at the center and north edge of the arch ranged from 0 and 0.41
mm (0.016 in.), respectively, at load increment one to 0.81 mm (0.032 in.) and 1.07 mm
(0.042 mm), respectively at load increment four.

The same response was observed at load position 2.2. The higher deflections
occurred along the north and south edges while the deflections at the center were less. The
deflections at the north edge, center, and south edge ranged from 0.56 mm (0.022 in.), 0, and
0.33 mm (0.013 in.), respectively, at load increment one to 1.70 mm (0.067 in.), 0.91 mm
(0.036 in.), and 1.09 mm (0.043 in.), respectively, at load increment four.

At load position 3.2, the bridge exhibited a more normal response. The deflections
were greatest along the north edge and then decreased to a minimum at the south edge for all
load increments. The deflection at the north edge, center, and south edge ranged from 0.99
mm (0.039 in.) 0, and 0.10 mm (0.004 in.), respectively, at load increment one to 2.59 mm
(0.102 in.), 1.09 mm (0.043 in.), and 0.66 mm (0.027 in.), respectively, at load increment
four. The transverse deflection of the bridge for the various loading positions and increments
is presented in Figure 5.13.

The deflection response of the bridge at the east quarter point remained consistent for
the various loading positions and increments - maximum at the center and smaller at the
edges.

The average deflection values at the crown and east quarter point versus the four load
increments are shown graphically in Figure 5.14. As with the stain values, the deflection
values remained linear at the crown and east quarter point for the various loading positions
and increments.

The unexpected behavior of the bridge at load positions 1.2 and 2.2 may be
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attributed to transverse arching of the bridge at the crown due to lateral pressure on the
spandrel walls. Based on that assumption, loading from the test vehicle would increases the
overburden pressure on the fill material which would also increase the horizontal pressure on
the spandrel walls. The increased pressure would cause the walls to rotate and the bridge to
arch. Due to the arching action, a higher percentage of the load would be distributed to the
edges which translates into smaller strain values at the center and higher values near the

edges.

5.5. Modified Rating

As in the previous bridges, the strain values obtained from the diagnostic load test
were used to modify the theoretical rating; the procedure used was described in Sec. 1.7.

In modifying the rating, the largest average strain value obtained from the three loading
positions was used. As stated previously, this strain was determined to be 38 microstrain and
occurred when the test vehicle was located at load position 1.2. For the same load position
and load increment, the theoretical strain was calculated to be 55 microstrain.

Using these results in conjunction with the rating procedure, the theoretical rating was
increased. For the HS20 rating vehicle the rating of the bridge increases from 2,295,000 N
(258 tons) to 2,847,000 N (320 tons); for the Type 3 rating vehicle, the rating of the bridge
increased from 1,860,000 N (209 tons) to 2,304,000 N (259 tons). A summary of the
theoretical and modified rating is presented in Table 5.2. The rating calculations for the slab
are presented in Appendix B.

Even though this bridge did not require posting prior to the testing, the results show

that there is a reserve capacity not predicted by the analytical procedure.
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Table 5.2. Bridge IV: Rating summary:

Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RF, R RFr R RF, R RFy R
(tons) (tons) (tons) (tons)
Arch 7.18 258.5 8.89 320.0 8.39 209.8 10.38 259.5

651
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6. BRIDGE V: REINFORCED CONCRETE STRINGER

6.1. Bridge Description

The fifth bridge to be service load tested was a two span noncontinuous reinforced
concrete girder bridge. This particular bridge was located on a secondary county road (kk
ave.) in Hardin County over a branch of the Jowa River. The ADT for the bridge was 70
vehicles and consisted of local traffic. Built in 1918, Bridge V was one of a series of
standard H-1 type concrete deck girder bridges constructed by the Iowa Highway
Commission in the early part of the 20th century. Standard H-1 type girder bridges consisted
of one to three simple spans ranging in lengths from 7,300 mm (24 ft) to 12,200 mm (40 ft).
Because Bridge V was such a common bridge type, plans were easily obtained which showed
the size and location of the reinforcement. Also, to ensure that the actual dimensions of the
bridge matched those stated on the plans, all component dimensions were verified by field
measurement. The layout of Bridge V is presenied in Figure 6.1.

Bridge V consisted of two noncontinuous spans each measuring 11,430 mm (37 ft- 6
in.) from the face of the abutment to the centerline of the pier with a roadway width of 5,500
mm (18 ft). The bridge deck was 6,000 mm (15 ft - 8 in.) wide, 180 mm (7 in.) thiék, and
was cast monolithic with the girders. Reinforcing in the deck consisted of two layers of 13
mm (1/2 in.) square reinforcing bars spaced on 205 mm (8 in.) centers in the transverse
direction and 13 mm (1/2 in.) square reinforcing bars spaced uniformly in the longitudinal
direction. To ensure that the bridge remained noncontinuous, an expansion joint was
provided at the joint between the two spans. The layout of the transverse reinforcement in
the deck is presented in Figure 6.2.

Each span consisted of three rectangular girders spaced at 2210 mm (7 ft - 3 in.) on
center. The girders had a depth measured from the bottom of the deck of 990 mm (3 ft - 3
in.) and a width of 380 mm (1 ft - 3 in.). Reinforcement in each girder consisted of two
layers of square reinforcing bars. Three 32 mm (1 1/4 in.) bars were located in the bottom
layer and three 29 mm (1 1/8 in.) bars were located in the top layer. Shear reinforcement in

each of the girders consisted of 15 mm (1/2 in.) stirrups at various spacings throughout the
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Figure 6.1. Bridge V: Lavout.
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Figure 6.2. Bridge V: Deck reinforcement.

girders. For additional shear reinforcement, the top layer of reinforcing bars were bent up
near the ends of each girder. Figure 6.3 shows the layout of the reinforcement in each of the
girders.

The end conditions of the girders were such that each girder acted as a simply
supported member. At the i:ier, there were expansion joints between the girders which were
placed directly on the concrete with no bearing plate or pad. At the abutments, a 6 mm (1/4
in.) steel bearing plate was embedded in the abutment and in the bottom of the girder.

6.1.1. Condition Assessment

Prior to the diagnostic load test, old inspection reports were obtained and a thorough
visual inspection was conducted by the researchers. The latest inspection on this bridge was
conducted in 1991 and the deck and substructure were given a condition rating of 6 while the
superstructure was given a condition rating of 5. The current postings of 7 tons and one lane
bridge were noted in the report to remain in place.

The visual inspection conducted by the researchers revealed the bridge to be in very
good condition. The only deterioration found was on the outside face of the exterior girders.
At the locations of the deck drains, the concrete had spalled exposing the legs of the
stirrups. A photograph of the girder deterioration at the deck drain locations is shown in

Figure 6.4.
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Figure 6.4, Bridge V: Photograph of exterior girder deterioration.

6.2. AASHTO Rating
After conducting the visual inspection of the bridge and verifving the dimensions. an

analytical model was constructed and the theoretical rating factors were calculated. The
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rating vehicles and procedure used to obtain the theoretical rating factors were described in

9900868

Secs. 1.4 and 1.7, respectively. Using the HS20-44 and the Type 3 rating vehicles, rating
factors of 1.61 and 2.085, respectively, were calculated. The theoretical rating obtained from

—

both vehicles is considerably higher than the posted rating of 7 tons. This discrepancy can

not be explained due to the fact that the rating engineer's calculations and assumptions made
were not available for review. The calculations used to obtain the load rating factors are
presented in Appendix B. Table 6.1 shows the results of the theoretical load rating for the

two rating vehicles. X

Table 6.1. Bridge V: Theoretical load rating summary.

Vehicle HS20 Vehicle Type 3
AASHTO LRFR AASHTO LRFR
Rating Rating Rating Rating
Factor (tons) Factor (tons) .
Girders 1.61 57.9 2.05 51.3
6.3. Test Setup and Procedures '

As in the other bridges tested, strains and deflections were monitored at various
locations on the two spans. Refer to Figure 6.5 for the strain gage and deflection transducer
locations. In addition to the strain gages bonded to the bottom of each girder at the
centerline, one strain gage was bonded to the bottom of girders B3 and B6 at a distance of
305 mm (1 ft) from each end. These gages were placed to determine if the support conditions
exhibited any rotational restraint under the applied loading. Strain gages were also bonded to
the top and bottom of the east railings at the centerline of spans one and two. The types of
strain gages used and the application process were discussed in Sec. 1.6.1.

Deflections were monitored at the centerlines of the three girders in spans one and
two and at the quarter points of girders B3 and B6. The deflections were obtained using the
equipment and setup described in Sec 1.6.1.

The type of vehicle and loading process used in the testing of the bridge were

described in Sec. 1.6.2. For this bridge, the loading was applied in three increments:
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Figure 6.5. Continued.

116,500 N (26,200 1bs),178,800 N (40,200 Ibs), and 275,800 N 62,000 1bs), respectively.
The magnitude of the load increments and the wheel configuration of the test vehicle are
presented in Figure 6.6; a photograph of the test vehicle is shown in Figure 6.7.

The strain and deflection behavior of the bridge were observed by stopping the test
vehicle at various longitudinal and transverse locations. The position of the test vehicle in the
various tests is shown in Figure 6.8. Longitudinally, the test vehicle was stopped at the south
quarter point, center, and north quarter point in each span. At each location the test vehicle
was positioned such that the front axle of the rear tandem was centered on the stopping
location. It should be noted that at locations 1.6, 2.6, and 3.6, the front axle was off the
bridge and the measured responses were from the rear tandem alone. Once the vehicle had
been positioned, strain and deflection readings were taken. The transverse lane positioning of

the test vehicle was described in Sec. 1.6.2. and is shown in Figure 6.9.



Figure 6.6. Bridge V:
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6.7. Bridge V: Photograph of test vehicle.
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6.4. Results and Discussion

As in the previous bridges tested, the response of the bridge remained linear for both
strains and deflections. However, due to malfunctioning strain gages at the center of beams
B1 and B2 of Span 1, strain values were not obtained at these locations and thus could not be
compared with the strain values obtained in beams B4 and B5 of Span 2. The strains at the
centerline of beams B4, BS, and B6 of Span 2 were consistent for all three loading
increments and positions. Maximum strains were obtained in BS while the strains in B4 and
B6 remained considerably lower. This was as expected due to the added stiffening effect of
the railings. .

At load positions 1.5, 2.5, and 3.5, the maximum strain was observed in beam BS for
all three load increments. The maximum response in the member occurred at load position
2.5. At this load position, the strain values ranged from a minimum of 51 microstrain at load
increment one to a maximum of 166 microstrain at load increment three. The maximum
response of beams B4 and B5 occurred at load increment three and load positions 3.5 and 1.5,
respectively. The maximum values obtained were 19 microstrain in B4 and 3é microstrain in
B6. Graphs of the longitudinal strain in beams B4, B5, and B6 for the three load increments
and positions are presented in Figure 6.10. The longitudinal strains at the center of BS for the
three load increments and positions are shown in Figure 6.11.

The strain values at the ends of beams B3 and B6 were positive for the three load
increments and positions. These strains were measured at the bottom of the beams and had
very small magnitudes. This strain behavior indicated that no significant end restraint existed
and that the beams were allowed to rotate under the applied loading.

Figure 6.12 shows the longitudinal deflections of beams B3 and B6. The degree of
the end rotations of beams B3 and B6 can be seen by observing the deflections at the quarter
points and centerline of each span. At load position 1.2 and load increment one, the
deflections at the south quarter point, centerline, and north quarter point of B3 were 0.20 mm
(0.008 in.), 0.08 mm (0.003 in.), and 0.03 mm (0.001 in.), respectively. At load increment
three, the deflections were 0.53 mm (0.021 in.), 0.84 mm (0.033 in.), and 0.33 mm (0.013

in.), respectively. From the deflections at each location, it can be seen that the end of the
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Figure 6.11. Bridge V: Longitudinal strains at centerline of beam BS.

beam bearing on the abutment is allowed to rotate more than the end bearing on the pier.
This is to be expected since there is less of the beam bearing at the abutment than the pier and
also because there is an embedded plate in the abutment and in the beam.

The same behavior was exhibited in beam B6. At load position 1.5 and load
increment one, the deflections at the south quarter point, centerline, and north quarter point
were 0.15 mm (0.006 in.), 0.18 mm (0.007 in.), and 0.28 mm (0.011 in.), respectively. At
load increment three, the deflections were 0.36 mm (0.014 in.), 0.48 mm (0.019 in.), and 0.56
mm (0.022 in.), respectively.

The transverse deflections of spans 1 and 2 were approximately the same with span 2
having slightly greater deflections for all loading positions and increments. Like the strains,
the largest deflections in each span were recorded for the middle girders. At load position
2.2, the deflections in B2 were maximum. The deflections ranged from 0.33 mm (0.013 in.)

at load increment one to 1.17 mm (0.046 in.) at load increment three. The largest deflections
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in beams B3 and B1 were obtained at load positions 1.2 and 3.2, respectively. Atload

position 1.2, the deflections in B3 ranged from 0.10 mm (0.004 in.) at load increment one to
0.84 mm (0.033 in.) at load increment three. At load position 3.2, the deflections in B1
ranged from 0.23 mm (0.009 in.) at load increment one to 0.76 mm (0.03 in.) at load
increment three. Figure 6.13 shows the deflections of beams B1, B2, and B3 for the three
loading positions and increments.

The same behavior was exhibited by beams B4, BS, and B6 in span 2. Atload
position 2.5, the deflections in BS were maximum. The deflections ranged from 0.041 mm
(0.016 in.) at load increment one to 1.47 mm (0.058 in.) at load increment three. The largest
deflections in beams B6 and B4 were obtained at load positions 1.5 and 3.5, respectively. At
load position 1.5, the deflections in B6 ranged from 0.20 mm (0.008 in.) at load increment
one to 0.36 mm (0.014 in.) at load increment three. At load position 3.5, the deflections in
B4 ranged from 0.15 mm (0.006 in.) at load increment one t0 0.74 mm (0.029 in.) at load
increment three. Figure 6.14 shows the deflections of beams B4, BS, and B6 for the three

loading positions and increments.

6.5. Modified Rating

Using the strain data obtained from the diagnostic load test and the procedure
described in Sec 1.7, the theoretical load rating was modified. To modify the rating, the
largest strain value of 166 microstrain was used. As mentioned previously, this value
occurred in beam BS5 at load position 2.5 and load increment three. For the same load
position and load increment, the theoretical strain calculated in the bottom of the beam was
81 microstrain. The actual value attained is over two times larger than that predicted by the
analytical model. The smaller theoretical strain value is a result of a smaller effective beam
section. The actual width of deck effective as a T-beam section is smaller than that
suggested in AASHTO’s Standard Specification for Highway Bridges [12].

Since the actual strain value in the beam is less that predicted, theoretical load rating
is decreased accordingly. For the HS20 rating vehicle, the rating of the bridge decreased
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from 507,100 N (57 tons) to 302,500 N (34 tons). For the Type 3 rating vehicle, the rating of
the bridge decreased from 453,700 N (51 tons) to 266,900 N (30 tons). A summary of the
theoretical and modified rating is presented in Table 6.2. The rating calculations for the
bridge are presented in Appendix B.

This particular bridge demonstrates that a benefit is not always obtained from a load
test. Using traditional analytical methods, the capacity of this structure could potentially be
considerably overestimated. Load testing provides a way to obtain the actual response of a
bridge and assign load ratings which reflect a bridges actual load carrying capacity.

. . Y Y~ " o
00006006000



Table 6.2. Bridge V: Rating summary:

Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RF, R RF¢ R RF, R RF¢ R
(tons) (tons) (tons) (tons)

Girders 1.61 579 0.95 34.2 2.05 51.3 1.21 30.3

€81
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7. BRIDGE VI: FILLED REINFORCED CONCRETE SPANDREL ARCH

7.1. Bridge Description

The final bridge to be service load tested was a filled reinforced concrete spandrel
arch located in Story County over a branch of Keigley Creek. Bridge VI was one lane and
located on a secondary county road (550 Ave.). The ADT for the bridge was 110 vehicles
and consisted of local traffic. Built in 1913, Bridge VI is listed on the Iowa Historic Bridge
Inventory and is one of 13 of this type of bridge within the state. The dimensions of the
bridge were determined from field measurements and the type, size and location of the
reinforcement were obtained from original plans. Figure 7.1. shows the bridge layout.

Bridge VI had a clear span of 13,720 mm (45 ft), a rise of 2,745 mm (9 ft), and a total
width of 7,010 mm (23 ft). The roadway was 6,095 mm (20 ft) wide with two reinforced
concrete railings 1,170 mm (3 ft - 10 in.) high and 280 mm (11 in.) wide. The arch ring was
280 mm (11 in.) thick at the crown and increased to 910 mm (3 ft) at the abutments. The
roadway consisted of a soil fill material placed on top of the arch ring. The thickness of the
fill ranged from 150 mm (6 in.) at the crown to 2,100 mm (6 ft - 10 in.) at the abutments.

The reinforced concrete spandrel walls were constructed on either side of the arch ring to
retain the fill material. Reinforcing in the arch ring consisted of two layers of 22 mm (7/8

in.) diameter bars spaced at 305 mm (12 in.) on center. The bars in the top layer were offset a
distance of 150 mm (6 in.) from the bars in the bottom layer. Figure 7.2 shows the

reinforcement configuration in the arch.

7.1.1. Condition Assessment

Prior to the diagnostic load test, old inspection reports were obtained and a thorough
visual inspection of the bridge was conducted by the researchers. A condition rating value
was not assigned to either the substructure or the superstructure after the latest inspection
conducted in 1995.

The visual inspection conducted by the researchers revealed moderate deterioration.

Spalling was noted on the exterior faces of the arch ring and the spandrel walls. No
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Figure 7.2. Bridge VI: Configuration and reinforcing details at crown of arch.

deterioration was noted on the underside of the arch.

7.2. AASHTO Rating

After conducting the visual inspection and determining actual dimensions, an

e. :. s. é. 1. 1. :. a. i. :. z. z. z. a. x. 5. 4. x. i. .z. e. 4. 4. (. t.

analytical model was developed and analyzed using structural analysis software. From the
analytical model, the theoretical rating factors for the vehicles described in Sec. 1.4 were
calculated. The method and procedures used to obtain the rating factors were described in
Sec. 1.7. Using the HS20-44 and Type 3 rating vehicles, rating factors of 5.75 and 8.44,
respectively, were calculated. Like the Luten arch bridge (Bridge IV), the rating factors for
this bridge were also considerabed high. The high factors can be attributed to the soil fill
which causes the wheel loads to be distributed over a larger area thus resulting in lower
response of the arch. The calculations used to obtain the rating factors are presented in

Appendix B; theoretical load rating for the two rating vehicles are presented in Table 7.1.
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Table 7.1. Bridge VI: Theoretical load rating summary.

Vehicle HS20 Vehicle Type 3
AASHTO LRFR AASHTO LRFR
Rating Rating Rating Rating
Factor (tons) Factor (tons)
Arch 5.75 207.0 8.44 211.0
7.3. Test Setup and Procedures

As in the previous bridges tested, strains and deflections were monitored at various
locations. Strain gages were bonded to the bottom of the arch at the centerline and at the
north quarter point; as shown, five strain gages were mounted on the bottom of the arch at the
centerline and three at the north quarter point so that longitudinal strains could be measured.
The types of strain gages used and the application process were discussed in Sec. 1.6.1.

The bridge deflections were monitored at the centerline and at the north quarter point.
Three deflection transducers were mounted transversely across the bottom of the arch at the
crown, one at each edge and one at the center. The same configuration was used at the north
quarter point with the deflections being monitored at the edges and the centerline. The
deflections were obtained using the equipment and setup described in Sec. 1.6.1; locations of
the strain gages and the deflection transducers are presented in Figure 7.3.

The type of vehicle and loading process used in the testing of the bridge were
described in Sec. 1.6.2. For this bridge, the loading was applied in four increments: 95,600
N (21,500 1bs), 144,100 N (32,400 Ibs), 189,000 N (42,500 1bs), and 266,900 N (60,000 lbs),
respectively. The wheel configuration and load distribution in the test vehicle are presented
in Figure 7.4; a photograph of the test vehicle is shown in Figure 7.5.

The deflection and strain behavior of the bridge were observed by stopping the test
vehicle at various longitudinal and transverse locations. Longitudinally, the test vehicle was
stopped at the north quarter point, center, and south quarter point. At each location, the test
vehicle was positioned such that the front axle of the rear tandem was centered on the
stopping location. Once the vehicle had been positioned, strain and deflection readings were

taken. The stopping locations for the various tests are shown in Figure 7.6. It should be
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noted that at load positions 1.3, 2.3, and 3.3 the front axle of the test vehicle was off the
bridge thus the measured response was for the rear tandem only. The transverse lane

positioning of the test vehicle was described in Sec. 1.6.2. and is shown in Figure 7.7.

7.4. Results and Discussion

Of all the bridges tested as part of this project, Bridge VI had the least response in
terms of strains and deflections. Strain values remained in the single digits to low teens and
deflections were measured in the hundredths for all load positions and increments. These
values were also considerably lower than those obtained from the Luten arch (Bridge I'V) due
to the increased depth of the fill material. '

The longitudinal strain at the centerline of the bridge is presented in Figure 7.8 for the
four load increments and three load positions. The strain values obtained remained relatively
uniform across the bottom of the arch for all load poéitions and load increments. At load
position 1.2 and load increment four, the strains varied from a maximum of 10 microstrain at
G8 to 9 microstrain, 8 microstrain, and 2 microstrain at G6, G5, and G4, respectively. The
same response was exhibited for the previous three load increments. The large strain values
obtained at G7 may be attributed to existing cracks in the concrete in the vicinity of the gage
and thus were neglected.

At load position 2.2, the maximum strain was recorded at the centerline of the arch
and then decreased toward the railings for all four load increments. This is expected since the
railings increase the stiffness of the edges of the arch. At load increment four, 2 maximum
strain of 10 microstrain was recorded at G6; 8 microstrain and 5 microstrain were recorded at
G4 and G8, respectively, for this load increment.

At load position 3.2, the response of the bridge was similar to that of load position
1.2. The strains were maximum along the east edge and then decreased to a minimum at the
west edge. At load increment four, a maximum strain of 13 microstrain was recorded at G4
while 9 microstrain, 7 microstrain, and 3 microstrain were measured at G5, G6, and G8,

respectively. The same response was exhibited for load increments one, two, and three.
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Figure 7.8. Bridge VI: Longitudinal strains at bridge centerline.
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Like the strains at the centerline, the magnitude of the strains at the north quarter
point remained in the single digits for all load positions and load increments. The average
longitudinal strain at the bridge centerline is presented in Figure 7.9. These were determined
by averaging the five strain readings at the crown of the arch for each load position and
increment. Disregarding the strain values recorded at G7, the maximum average strain was 8
micostrain. This value occurred at load increment four and load position 3.2. This average
value is 1/16th the theoretical strain (approx. 130 microstrain) at which tensile cracks begin

to form in concrete.
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Figure 7.9. Bridge VI. Average longitudinal strains at bridge centerline.

The transverse deflection of the bridge for the various loading positions and
increments is presented in Figure 7.10. Like the strains, the deflections at the crown and
north quarter point of the arch were extremely small for all load positions and load
increments. At load position 1.2, the maximum deflection occurred at the west edge and
ranged from O at load increment one to 0.66 mm (0.026 in.) at load increment four. The

deflection of the arch decreased to O at the east edge for all load increments.
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At load position 2.2, the maximum deflection occurred at the center of the arch for all
load increments. The deflections at the centerline ranged from 0 at load increment one to
0.38 mm (0.015 in.) at load increment four. Due to the presence of the railings, the
deflections at the west and east edges were smaller and ranged from O at load increment one
to0 0.28 mm (0.011 in.) and 0.10 mm (0.004 in.) respectively at load increment four.

The deflection at load position 3.2 was similar to that of load position 1.2. The
maximum deflection of the arch occurred at the east edge and then decreased to the west
edge. At the east edge of the arch, the deflection ranged from O at load increment one to 0.31
mm (0.012 in.) at load increment four. At the west edge of the arch the deflection decreased
to O for load increment one, two, and three, and 0.05 mm (0.002 in.) for load increment four.

The deflection of the arch at the north quarter point remained extremely small and
ranged from O at load increment one to 0.10 mm (0.004 in.) at load increment four. Average
deflection values at the crown and north quarter point versus the four load increments are
shown in Figure 7.11.

The small strain and deflection values can most likely be attributed to the presence of
the fill material. The fill material causes a greater percentage of the load to be distributed
transversely and longitudinally creating more of a uniform loading condition. The small
strain and deflection values obtained should be approached with caution. All instrumentation
associated with data acquisition has a degree of error associated with it which should be

considered.

7.5. Modified Rating

The strain values obtained from the diagnostic load test were used to modify the
theoretical load rating. The procedure followed was described in Sec. 1.7.

In modifying the analytical rating, the largest average strain value at the crown of the
arch was used. This value was determined to be 8 microstrain and occurred when the test
vehicle was at load increment four and load position 3.2. For the same load position and load
increment, the theoretical strain was calculated to be 163 microstrain.

Using these results in conjunction with the rating procedure, the theoretical rating was
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increased significantly. For the HS20 rating vehicle, the rating of the bridge increased from
1,841,600 N (207 tons) to 6,814,700 N (766 tons). For the Type 3 rating vehicle, the rating
of the bridge increased from 1,877,100 N (211 tons) to 8,175,800 N (919 tons). A summary
of the theoretical and modified rating is presented in Table 7.2. The rating calculations for
the arch are presented in Appendix B.

Modifying the rating of a bridge of this type to load levels indicated should be
approached with caution. The presence of the soil fill material makes modeling the bridge
very difficult. The interaction of the soil and distribution of the applied loads is very difficult
to predict.

0000000000008 0000800000C0000C0



Table 7.2. Bridgc VI Rating summary:

Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RF, R RFt R RF, R RFt R
(tons) (tons) (tons) (tons)
Arch 5.75 207.0 21.29 766.4 8.44 211 36.76 919.0
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8. SUMMARY AND CONCLUSIONS

8.1. Summary

In this investigation, six old reinforced concrete bridges were subjected to static
diagnostic load tests. The results obtained were used in conjunction with an analytical rating
to determine an experimental load carrying capacity of each bridge. From a review of the
literature on nondestructive load testing, it was determined that many countries around the
world are using this method to obtain actual load ratings and load carrying capacities. In
recent years, several states have implemented nondestructive load testing programs to
evaluate their bridges.

The bridges in this investigation consisted of two reinforced concrete open spandrel
arches (Marsh Arches) which were scheduled for replacement, a reinforced concrete slab
bridge, two reinforced concrete filled spandrel arches (one of which was a Luten Arch), and a
two span reinforced concrete girder bridge. Each bridge was tested using a tandem axle
dump truck at varying load increments. The test vehicle was positioned at predetermined
longitudinal and transverse locations to obtain the maximum stress in the critical members.
At each test location, strains and deflection data were obtained. In the bridges that were to be
replaced, steel and concrete samples were obtained and video footage was taken of their
demolition.

The strains obtained from the various tests were used to modify the analytical load
rating of each bridge. The various bridges were rerated using the procedure developed by
Lichtenstein [2] for evaluating and applying the results obtained from diagnostic load tests.
The procedure involves comparing the actual strains in a particular element with those
predicted by an analytical model. The value obtained is then modified based on the
frequency of inspections, the accuracy of the model, and special structural features such as
redundancy, fatigue, etc.

The results from the bridge testing revealed that in a majority of the bridges, the
actual load carrying capacities were greater than that predicted by traditional analytical
procedures. In some instances, the results were two or three times that of the theoretical
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rating. However, the modified rating of the two span reinforced concrete girder bridge was
less than that predicted by the analytical rating.

8.2. Conclusions

Based on testing conducted within this investigation, the following conclusions and
observations can be made regarding diagnostic load testing of old reinforced concrete

bridges.

1.

Diagnostic load testing is a low cost effective means of obtaining better estimated
load carrying capacities and rating factors of existing reinforced concrete bridges.
Due to the variation in the strength of the concrete, accurate modulus of elasticity
values are difficult to obtain. Variations in the modulus of elasticity of the
concrete makes it difficult to obtain reliable stress values from test strains. Unless
reasonably accurate modulus of elasticity values of the in-situ concrete are
obtained, it may be advantages to consider proof load testing.

Traditional analytical ratings, in most instances, underestimate the actual load
carry capacity of a bridge.

The presence of reinforced concrete railings and curbs adds considerable strength
to a given bridge. This additional strength is typically neglected in the analytical
rating of bridges.

In extrapolating the results obtained from diagnostic load tests to load levels
greater than those placed on the bridge during the load test, care must be taken to
ensure safe bridge performance at the higher load level.

. Old reinforced concrete bridges typically have reserve capacity greater than that

predicted by analytical methods despite their deteriorated condition. Most of
these bridges are one lane and have large reinforced concrete railings which
provides additional strength. Also, these bridges are typically over designed due
to the analysis assumptions and design principles in practice at the time of their
design and construction.
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9. RECOMMENED FURTHER RESEARCH

On the basis of the field testing completed thus far, additional nondestructive load

testing of existing bridges is proposed:

1.

Since the strength of concrete is quite variable, the testing of old reinforced
concrete bridges should be extended to include proof load testing. In bridges
where the concrete is heavily deteriorated and the placement and size of
reinforcement are unknown, proof load testing is a more accurate method for
determining the maximum load carrying capacity of the bridge.

Additional reinforced concrete bridges need to be tested so that a data base may
be developed. Using this data base, bridge engineers will be able to safely predict
the load carrying capacity of similar bridges.

The diagnostic load testing procedure presented within this report should be
extended to other types bridges, timber, steel, etc. As with the reinforced concrete
bridges, a data base containing the test results of various types of steel bridges,
timber bridges etc. could be developed and used to predict the behavior of similar
bridges.

Any bridge that the state or county plans to decommission should be tested using
both diagnostic test procedures and proof test procedures so that the data base on

the various types of bridges in Iowa can be expanded.
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APPENDIX A
COUNTY ENGINEER’S QUESTIONNAIRE
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QUESTIONNAIRE
BACKGROUND

After consultation with, and at the request of, several lowa DOT and county personnel, an
investigation is being considered to look at the preservation of historical concrete bridges.
The research would include service load testing of the bridges and documentation of the
demolition (if demolition is scheduled) for condition assessment. The results of the project
would allow better understanding of the relation between load rating values and actual load
capacity of concrete bridges. In our opinion, three different types of concrete bridges should
be service load tested. We would appreciate your input by completing the following
questionnaire.

*

Name County

Fax Telephone

1. Do you have any concrete bridges that are approximately 40-50 years old that you plan to
replace in the next 5 years?

Yes No

2. Do you have any historical concrete bridges that you plan to replace in the next 5 years?

Yes No

3. Would you allow the bridge to be service load tested by others prior to demolition and the
demolition documented to obtain information about the accuracy of the current load rating
procedures?

Yes No

Please return by February 21, 1996 to:

Terry Wipf
Civil and Construction Engineering Dept.
Iowa State University
Ames, IA 50011
Fax: 515-294-8216
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APPENDIX B
LOAD RATING CALCULATIONS
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BRIDGE 1

BOONE MARSH ARCH BRIDGE NO. 135
Year Built: 1914

19'- 0"

18"0" R i

12¢

ELEVATION TYPICAL CROSS-SECTION
I. Rating Slab: Dead Load Moment:
Span Length: wl’  (0.100)8.67)°
8.0 +8.0(1/12) = 8.67 ft Moo = == = 8
MpL = 0.940 ft-k/ft width
Dead Load:
8(1712)(1)(0.150) = 0.100 k/ft/ft width Live Load Moment:
. E = 4+ 0.06(s)
Note: Due to the absence of negative moment steel, the E = wheel distribution

slab will be analyzed as simply supported.

s = slab span length



E = 4+0.06(8.67)

E = 452 ft
Vehicle HS20:
434 14 14"
! | I
16k 116 k* {4 k*
Y '

8.67 l

® Truck positioned to produce maximum moment

PL

Mu = 28

M.L = Maximum theoretical live load moment
due to rating vehicle
[(16)(8.67)]

Mu = 4.;2

My = 7.67 fi-k/ft width

* Wheels off section of slab being rated

Vehicle Type 3:

a=334 4 15
L 1

|8.5 k |8.5 k

' 8.67" |
R

PrIRRpN X

¢ Truck positioned to produce maximum moment

R,a 653
My = 2 = 334 222
w= - = )(452)

My = 4.82 ft-k/ft width

(444

Flexural Design Strength:
Typical | ft section

12"
5.125"
8" | C G
/ B
P 9

A, = 2(0.75)(0.75) = 1.125 in.2
d =

 F R E XN EEEEEREEREEEREIXEERXETR

8-15-0.75-0.625 = 5.125 in.




fy = 41 ksi (From laboratory tests)
f' = 4.3 ksi (From laboratory tests)
p = _1_\_,_ _ 1.125

bd (12)(5.125)
p = 00183
p")ax - O.75pb

_ (085B,.')(87,000)
f,(87,000 + f,)

Bi = 0.835

_ (085)(0.835)(4.3)(87,000)
7 T(41)(87.000 + 41,000)
0.0506

Po

Pmax = (0.75)(0.0506)
Pmex = 0.0379

p = 00183 <pmax = 0.0379
Tension reinforcement yields

M, = Ad,(d - —;-)

M, =
M,

Rating:
RF; =

¢
Yo
T
I

Af,
"~ 085 b
1.052 in.

_(1.125)41)
T (085)(4.3)(12)

(1.125)(41)(5.125 - 1922%)

12
17.68 ft-k/ft width

M, - M,
YywM, (1 +D

intermittent maintenance)
1.2
1.3
0.2 (Poor condition)

Vehicle HS20:

_ (0.70)(17.68) - (1.2)(0.940)

0.7 (Heavy deterioration, careful inspection,

RF. (1.3)(7.67)(1.2)

RF, = 094

Rating = (0.94)(36)=33T

AR A AR AN A ARG AR AT A AL AT S A AN AL AL ARSI

XA



Yehicle Type 3:

(0.70)(17.68) - (1.2)(0.940)

RF. =
RF, = 1.50

(1.3)(4.82)(1.2)

Rating = (1.50)(25)=37T

II. Rating Beam:

Dead Load:
Self Weight: (1)(1.5)(0.150) = 0.225 k/ft
Slab: (0.100)(9) = 0.900 k/ft
1.125 k/ft
Dead Load Moment:
wl? (1.125)(18)®
M - =
DL 3 3
Mpr = 45.56 ft-k
Live Load Moment:
Vehicle HS20:
a=7.5" - 6' 45
16k 16 k
pAY
18'

¢ Truck positioned to produce maximum moment

ML = Rea = (13.33)(7.5)
Mu. = 100.00 ft-k

Vehicle Type 3:
4 15

8.5k 85k 8k

3 1 A

| o 9 | o

% 3 P ,5|3'
1

R=13.22k

a=75 6

1£%4

|

=l}

13.22k 13.22 kl

4

18’

3
|

R,

¢ Truck positioned to produce maximum moment

My = Rea = (11.02)(7.5)

ML = 82.65 ft-k

‘.l.‘.

9000080880898 8
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Capacity: Rating Modification:
M, = 299 ft-k (From laboratory test) RFr = RF.K
K = 1 +KKp
Rating:
RF, = oM, - YoM, Factor K, :
Y M (T+1) K, = &
€y
¢ = 0.80 (Slight deterioration, careful
inspection, intermittent maintenance) Theoretical Strains:
Y =12 E, = 29,000,000 psi
=13 E. = 3,700,000 psi
I =02
Vehicle HS20: E, _ 29,000,000
Rp. = (080)0299) - (1.2)(45.56) "= E, T 73,700,000 8
¢ (1.3)(100)(1.2) 0= 8
RF, = 1.18
. w = 60" o
Rating = (1.18)(36)=42T . .
8";
Vehicle Type 3: lw, = 24 w = 24"| 24.78"
0.80)(299) - (1.2)(45.56 18" = "
RE, = 0800299) - (12)4556) ; 1w
(1.3)(82.65)(1.2) ¥
RF. = 1.43 0.75" 12"

Rating = (1.43)(25)=35T Flange Width:

i.)w £0.25L

L = Length of beam
L = 20ft



Moment From Test Vehicle:
w <0.25(20)

w <5ft 4.5, 145

Overhanging Flange Width:
ii.) wr < 6t 95k 95k 7k

t = Slab thickness 4 2 2
t = 8 in' I 9. 9‘ ! 9' !

wr < 6(8) R=1425k

Wg < 48in.

wr = 24in. < 48 in. a=6 L &'
or i

iii.) wg < one-half clear distance to next web 14.25 k 14.25 k
we < (0.5)(8)

wr < 4 ft Py ’ ‘ jo!
wi = 24in. < 4 ft -

. Effective flange width = 5 ft

6'

-

L AA

S

R,
Steel:
2L's: 2x2x 1/4 = 238 in?

) ¢ Truck position obtained from field
fy (L’s) = 40 ksi' (From laboratory

test

tests)
2 Bars: 1.125¢ = 2in My = Rea
fy (Bars) = 34 ksi (From laboratory

tests) Mr = Maximum theoretical live load
A = (%g_) +2.38 moment due to test vehicle
As = 4.08in.? Mr = (14.25)(6)

My = 855 ft-k

@ ST TS s sirr  c  290808000888
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Stress in Stecl (Cracked Section): g = 11,585
o = Mo 29,000,000
A,jd & = 3.99 x 10 in./in.
As = 4.08in.2 gr= 1.43x 10* in.in.
Lok
b= 3 €r = Strain produced by test vehicle
d = 24.78in.
-4
k = y2pn + (pn)* -pn Kn:fs_-lz——-——lggxm‘-l
A, 4.08 €y 143 x 10
P =% T 12T Ka= 179
= 0.0137
g = 8 Factor K :
k = 4200137)8) + [(0.013N@)F Ko = KoiKo2Key N
- (0.0137)(8) Vehicle HS20:
k = 0.3701371 T M,
jo=1-=5— =087 W T MO+ D)
T _ 85.5
_ (85.5)(12)(1000) W 100(1.2)
(4.08)(0.876)(24.78) T o
os = 11,585 psi w
Ky = 1.0

0 s
g = —>
s Member behavior can be

. .. extrapolated to 1.33W for
€ = Calculated theoretical strain in steel T/W > 0.7



Yehicle Type 3:

T M,
Ko — = ———F——

W M, (1 +])

T 855

W 82.65(1.2)

T

— = 0.86

W

Khl = ].0

Member behavior can be
extrapolated to 1.33W for
T/W > 0.7

Ky2: 0.8 (Routine inspection
between 1 and 2 years)

Kp3: 1.0 (Fatigue does not
control, redundancy)

Ky = (1.0)(0.8)(1.0)
Ky = 0.8

RFr = RFE(1 + K,Kyp)

Vehicle HS20:
RFr = (1.18)(1 + (1.79)(0.8))
RFr = 2.87

Rating = (2.87)(36)=103 T

Vehicle Type 3:
RFr = (1.43)(1 + (1.79)(0.8))

RFy = 348

Rating = (3.48)(25)=87T

II1. Rating Hangers:

Dead Loads:
Curb: (6)(1/12)(1.625)(9)(0.150) = 1.10k
Beam: (0.225)(10) = 225k
Slab: (0.900)(8.84) = 796k
Railing: (1.80)(8.33)(0.150) = 225k
Self Weight: (8)(1/12)(1.67)(8.83)(0.150) = 1.48k o
150 k &
Live Loads:
(2 ft. from curb)
Vehicle HS20:
3.25' 6'
16k 16 k
A A2
e |
Py

¢ Truck positioned to produce maximum axial
force
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Rating:
P = 209k RE, = OR, - 7,D,
. . - Y Pu (1 +1)
Py = Maximum theoretical axial live load due
to rating vehicle = (.70 (Heavy deterioration, loss of section)
Vehicle Type 3: Y™w =12
w =13
3.25" 6 I =02
Vehicle HS20:
13.22 k 13.22k RE. = (0.70)(127.6) - (1.2)(15.0)
¢ (1.3)(20.9)(1.2)
A 9 RFC = 2.]9
| | .
P, ' ‘ Rating = (2.19)(36)=78 T 83
¢ Truck positioned to produce maximum axial Vehicle Type 3:
force ep, - 070)127.6) - (1:2)(15.0)
P = 173k ‘T (1.3)(17.3)(1.2)
- RF. = 2.64
Capacity: o _
ALs: 2x2x 1/4 ) Rating = (2.64)(25)=66T
Area (1) = 0.798 in.” (Includes loss of section) . g e
Total Area = 4(0.798) = 3.19in.2 Rating Modification:
- > RFT = RFcK
fy = 40 ksi (From laboratory tests) K = 14KKs
Rn = fyA = (40)(3.19) = a

R, = 127.6k



FactorK,: g = 0
" E
Ka = ‘ﬂ:" - l !
8T
gs = Calculated theoretical strain in steel
Load Due to Test Vehicle:
g = 5,827
3.25', 6 o , 29,000,000
1 1 g = 2.01 x 10* in/in.
114.25 k 114'25 k er = 70 x 10 in/in.
PA e
& l er = Strain produced by test vehicle
1}
B, €, 2.01 x 10* o
K=+ -1 = ——- L]
&y 70x 10 ©
o Truck positioned to produce K, = 1.87
maximum axial force
Factor K,
PT = 18.60k Kb - KbleZKbJ‘
Pr = Maximum theoretical axial live Vehicle HS20:
load due to test vchicle ' T. P,
b 8.6 K“W=mum
a .
No. of Angles 4 4 e 0
o = P _ 46501000 W 209(1.2)
T A 0.798 L om
Os = 5,827 psi W

L

0000800000000 000060080000800
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Kot = 1.0

Member behavior can be
extrapolated to 1.33W for

T/IW >0.7
Vehicle Type 3:

Kbl: ..T_ - _._?l_._.._
W P+
T _ 186
w 173012
I— = 0.90
W
Kyt = 1.0

Member behavior can be
extrapolated to 1.33W and
T/W > 0.7

Kpa: 0.8 (Routine inspection
between 1 and 2 years)

Kps: 1.0 (Fatiguc does not
control, redundancy)

Ky = (1.0)(0.8)(1.0)
K = 0.8

RFT = RFc(l +K8Kb)

Vehicle HS20:
RFy = (2.19)(1 + (1.87)(0.8))
RFy = 547

Rating = (5.47)(36) = 196 T

Vehicle Type 3:
RFr = (2.64)(1 + (1.87)(0.8))

RFr = 6.59

Rating = (6.59)(25)=164T

1V. Rating of Arches:
At Crown:

i |
1
297 |

28" l l
2'?_1__ :

t | i
25 "

Ay = 4L’s: 3x3x5/16 = 4(1.78)
As = 7.12in2

f’ = 4.3 ksi (From laboratory tests)
fy = 40ksi (From laboratory tests)

-

1€2
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Dead Loads:

All reactions determined using structural analysis

software.

AT
ALY

IR
d e d
l 90'

©

139k ¢
14k d

146k e = 15k
149k

*. At crown of arch:
PoL = 15044k
Mp., = 39.63ft-k

Live Loads:
Vehicle HS20:
14 14 ,
| }
16 k ll6k 14k
% pe. pe) g 7
2]l olo] o]
@

/KIT\D\\"

( 't vt
a bé e
IA 90 ol
a =116k ¢ = 209k e =29k
b =93k d =23
-, At crown of arch:
Py = 57.04k
My = 81.52 fi-k

et
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Yehicle Type 3:

Capacity:
n 5 Assumed average Eccentricity of Axial Load on the Arch:
1 | (M_..___M_) . (M_)
P, + P P, +P
85kl lS.Sk lSk eavg = ——r—— o M - = T
iV B B S (81.52 + 39.63)(12)) , ((65.15 + 39.63)(12)

Lo Lo |9 | (15044 + 57.04) (150.44 + 39.85)
@ Cavg = 5

7.01 + 6.61
eavg ¥

2
’ €avg = 6.8 in.

”( a t, = 1,450k } From column interaction 5
I ® I M. = 820 ftk diagram &
g 20 1 Rating:
P - v,P M, - Y M

a=173k ¢ =97k RFC:i—P—_(—i‘-Y—:-—Q]‘:)-or=¢M ("YD+‘;;'
b =49k d =12k Yibu, Y.My,
.. At crown of arch: v =12

P = 39.85k w =13

My, = 65.15 ft-k I =02

¢ = 0.70 (Heavy deterioration, careful inspection,

intermittent maintenance)



Vehicle HS20:

Axial Load: ]
rp. = (07001450 - (1.2)(150.44)
¢ (1.3)(57.04)(1.2)
RF, = 9.38

Rating = (9.38)(36)=337T

Moment:
_ (0.70)(820) - (1.2)(39.63)

(1.3)(81.52)(1.2)

c

RF. = 4.14
Rating = (4.14)(36)= 149 T

Vehicle Type 3:
Axial Load:

RE, = (&70450) - (1.2)(150.44)

(1.3)(39.85)(1.2)
RF; = 1342

Rating = (13.42)(25)=335T

Moment:
rp. - (070)820) - (1.2)(39.63)
° (1.3)(65.15)(1.2)
RF; = 5.18

Rating = (5.18)(25)=129 T

R R R R R R R EEEREERIREEEEEEEEEEREGEEEIEEEEREIEEEGEREREIRNERIEEIIY

Rating Modification:

RFr = RFK
K= 1+K3K|,
Factor K, :
K, = £o
€y

Axial Load and Moment Due to Test Vehicle:

All reactions determined using structural analysis software.

45, 145
!

| Ll
,;Skl i9.5k 17
L 9 L 9

AT T
YEREREETN
! ®

k
7
]

+ %

9!

90" l

62k ¢ =36k
186k d =56k

o
nn

bed
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<. At crown of arch: Stress in Bottom Steel:
Pr = 434k . o = noo[ L) - 1
My = 77 ft-k R Y A
Theoretical Stress/Strain: Stress in Concrete:
Analyzed as a cracked section.
. =
bt| k* + 2np .k - n
d' =29} Pelc = 0P
g | [
, 1 1
t=28"d=251"__ __
- 1 t -
b=25"
N
W
V.
E. = 29,000,000 psi
E. = 3,700,000 psi
n = E‘- = 8
E,
Py = 434Kk
Mr= 77.03 ft-k

_ M.+ My _ (77 + 39.6)(12)
P, + P, 434 + 1504
e =72in.




Determine Location of Neutral Axis:
1 e ke e |
k3-3(—-—)k2+6 = .3 (—+—’)=o
2 ” npg " Pe " g

_As 112
Pe= o T @)

pe = 0.0102

g =079

1 7.2

3_of1 _ 72),,2 72
k 3( 28)k +6(8)(0.0!02)(

28

1.2 !

2 )k - 3(8)(0.0102)(-2-5- + =

(0.79)’) =0

9¢T

k?-0.729k% + 0.126k - 0.139 = 0

k =079

5. = 43:4)(1000)( 2(0.79) )
“T 0 (25)28) \(0.79) + 2(8)(0.0102)(0.79) - (8)(0.0102)
Cc= 145 psi

O;s = 8(145)(—-—-—2—5-'-!-— - l)
(0.79)(28)

O: = 156 psi

R K 0000000000000 0C0O0C0OBOCGOBOGOBRRYS
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g, € 538 x 10°
sc L — — -t l BN e -
E, Ke Ex, 17 x 10°
K, = -0.68
€. = Calculated theoretical strain in concrete
Factor K
- 1 Kb = KpiKp2Ko3
3,700,000
= 3.92x 107 infin. Vehicle HS20:
T M,
o Ko & =M +1
E, T T
W (81.52)(1.2)
g; = Calculated theoretical strain in steel T 0.79
e = 156 w
29,000,000 Ky1 = 1.0
& = 5.38x10%in/in.
Member behavior can be
€re = 52 x 10% in./in. extrapolated to 1.33W for
. T/IW > 0.7
€rc = Strain in concrete produced by test
vehicle Vehicle Type 3:
T M,

..6 v . KbI: [EUORE . SRR SENS
€rs = 17 x 107 in/in W M,(+D
€rs = Strain in steel produced by test T 77

vehicle W (65.15)(1.2)
T oos
w

'\lk![\\glcﬁi(\i(‘ﬁfL“I\%L‘lL'\L\L\L\Q{'\&'\Q'\_&"\k'}L?ilklk;‘lﬁg‘i{h'\ﬂa!ﬁ"lca‘)h]LJ&'I&})[@/IK

Let

T



Kpi= 1.0
RFr = RF(1 + K.Kyp)

Mecmber behavior can be

extrapolated to 1.33W Vehicle HS20:
for T/W > 0.7 RF; = (4.14)(1 + (- 0.68)(0.72))
RF; = 2.11
Ks2: 0.8 (Routine inspection
between 1 and 2 years) Rating = (2.11)(36)=75T
Kpa: 0.9 (Fatigue does not Vehicle Type 3:
control, no redundancy) RFy = (5.18)(1 + (- 0.68)(0.72))
RFr = 2.64
Ky = (1.0)(0.8)(0.9)
Ky = 0.72 Rating = (2.64)(25)=66T
Table B.1. Bridge I: Rating Summary: §
Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RF, RF; R(tons) RF, R(tons) RFy R(tons)
Slab: 0.94 1.50 EERaTione
Beams: 1.18 42.5 2.87 103.3 1.43 35.8 3.48 87.0
Hangers: 2.19 78.8 547 196.9 2.64 66.0 6.59 164.8
Arches: 4.14 149.0 2.11 76.0 5.18 129.5 2.64 66.0

0000800800000 0000CB0CG0O0
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BRIDGE 1L

BOONE MARSH ARCH BRIDGE NO. 134
Year Built: 1919

423 IS [ 18'-0" T [V

19'-

1000000 | | SU0q000 | [T00tuy] [aun0nD

:;’;12—;.——-3%::—_— €

8” 6'
I'-6" I gin

3-101/2"| L __I 310 1/2" T'[. |. S l

12°-5 12" |8-7:(8-71|8'-77|8' -7018'-7¢|8'- 70/8'- 7" 12'-5 12" --—_—;*“—2—
N
O
ELEVATION TYPICAL CROSS-SECTION
L. Rating Slab: Mcoer = Moment coefficient obtained from
Effective Span = Clear Span: AISC Moments, Shears, and Reactions
858 -1=7581 for Continuous Highway Bridges [16]
Dead Load: +Mp. = 0.078(0.100)(7.58)>
8(1/12)(1)(0.150) = 0.100 k/ft/ft width + Mp. = 0.448 ft-k/ft width
Dead Load Moment: -MpL = Meeet wL? = 0.106(0.10())(7.58)2

+MpL = Meoer WL? -MpL = 0.609 ft-k/ft width



Live Load Moment: Vehicle Type 3:

E = 4 +0.06(s) + M = M..PL
E = Wheel Distribution w- E ’
s = Slab Length (0.2040)(8)(7.58)
E = 4 +0.06(7.58) * My = 245
E =445t (0.0217)(8)(7.58)
) ] 445
Yehicle HS20: + My = 3.08 fi-k/ft width
M_PL
+ ML = E
- My = MmgPL
My = Maximum theoretical live load
moment due to rating vehicle - My = (0'0952)‘(3(7'58)-&
0.2040)(16)(7.58 (0.0634)(8)(7.58)
+ My = ¢ :(45)( )"' 445 §
445 .
_ . Flexural Design Strength:
+ Mu = 5.76 ft-k/ft width Due to loss of cover, the top bars are exposed.
0.25"
- My = M. PL |
E % —%¢
(0.1029)(16)(7.58) f
- My = 3.82"
445 5.125" 1T 4.875"
- My = 2.80 ft-k/ft width _
7 4
131" 4
' ]2"

S | | 0000000000000 00008008 8



o = 4.5 ksi (Obtained from laboratory tests)
fy = 47 ksi (Obtained from laboratory tests)

1/2 in. ¢ Bars at top
5/8 in. Square bars at bottom
A, =202)=040in’

A, = 2(0.625)0.625) = 0.78 in.”

Positive Moment:

Determine Minimum Steel Ratio that will Ensure

Yielding of the Compression Steel:
_ 0.858,f,' d' (87,000) +p

£,d(87,000 - f,)
B] = 0825
. _ A _ 040
P = % T 12082
p’ = 0.00873
o = 2B5(0:825)(4.5)0.25)87,000)

(47)(3.82)(87,000 - 47,000)
+ 0.00873
pmin = 0.0183

BRSSO ]

_ A, 078
T obd | (12)(382)
p = 0.170 < ppin = 0.183
Compression steel does not yield

Check Maximum Stee] Ratio Permitted:

Pmax = 0.75py +p’ E‘-
f)’
0.85p,L.' (87,000)

Po = (87,000 + ,)

_ 0.85(0.825)(4.5)(87,000)
Po = ~@7)(87,000 + 47,000)
pp = 0.0436
£/ = 47ksi
fy = 47ksi

Prax = (0.75)(0.0436)+0.00873(%)
Pmax = 00414

p = 00170 < pmx = 0.0414

444




Determine Moment Capacity Based on Compression Steel Not Yielding:

0003, . r
¢
1_7“:&“ :‘T‘Q C‘TI
d-ap d-d 4
L 1.
L&,
T = Ay
C.= 0.85f.'ba
Cs= B;G;As'

From strain equilibrium:
& = (" —d )(0.003)
c

& = (I - Es-'—)(O.OOB)

Determine depth of stress block:
From equilibrium:
Ce+C =T

we

00000000 00CCOCOOCOOOSBBED



M,
M,

. ) x"“- {N (\ ("“\ ("‘\ (‘\ {"\ ;\"\ l ("_‘\ i“”‘h ("\ (’*\ (‘\ (“« (‘\ {"’\ ('\ ("-. ('-\ ("\ (-‘\ (’\ ("\ ("\ {"\ ('*\ ('1 {“\ (“\ («\ e—\

O-ssfc'ba"‘EsAs'(l b ﬂi—) (0.003) = Asfy
a

or

(0.85f.’b)a’ + (0.003E,A,’ - Af,)a - (0.003E,A,Bid’) = 0

((0.85)(4500)(12))a” + (0.003(29,000,000)(0.40) - (0.78)(47,000))a - (0.003(29,000,000)(0.40)(0.825)(0.25)) = 0

45,900a% - 1,860a - 7178 = 0

g = (l - Elfi-'—)(0.003) = (l - -(-()—'8-2-5—)&2-5—))(0.003)

0416

10%)(0.40)

a= 0416in.
C. = 0.85f’ba = 0.85(4.5)(12)(0.416)
C. = 19.09k
C; = E&/A/

- a

& = 1.51x 102 in/in.
C, = (29,000)(1.51 x
C, = 17.52k

Cc(d - %) +Cy(d - d)

l9.09(3.82 - %!—é

) + 17.52(3.82 —~ 0.25)

10.95 ft-k/ft width

12

(‘\

~

(g

eve



Negative Moment:

Determine location of neutral axis: (Assume 5/8 in. bars are below the neutral axis)
T = Cc - Ts
T =AF,=(040)47)=18k
C. = 0.85f’ba = 0.85(4.5)(12)(0.825)c = 37.87c
d - 1.31 - 1.31 - ¢
T: =A Es( c)(().003) = ({).78)(29,000) (_____E____c_) (0.003) = 67.86 (———c—-—-)

C

18 = 37.87c-67.86(-l'3—lc;2)
0 = 37.87c%+ 49.86¢ -88.90

c=1.0in. §
Since the 5/8 in. bars are so close to the neutral axis, they will be neglected in the analysis.
= A _ 040
P= % T (12875
p = 0.00684
pmax = 0.75pb

0.854,f,' (87,000)
f,(87,000 + f,)

B, = 0.825
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_ 0.85(0.825)(4.5)(87,000)
47)(87,000 + 47,000)
Po = 0.0436

Pmax = 0.75(0.0436)

Pmax = 0.0327

p = 0.00684 < pyax = 0.0327
.. Tension steel yields

M, = Asf,(d - %)

Alf,
a =
0.85f'b
. (0.4)(47)
T (0.85)(4.5)(12)
a = 041 in.

(0.40)(47)(4.875 - 9—41)

2
Mn = 12
Mn - 7-32 ft"k
Rating:
RF, = oM, - YoMy
Y M +0

¢ = 0.70 (Heavy deterioration, careful inspection,
intermittent maintenance)

v = 1.2

“w =13

I = 0.2 (Poor condition)
Vehicle HS20:

Positive Moment:
pE = (©7)X1095) - (1.2)0448)
¢ (1.3)(5.76)(1.2)
RF, = 0.79

Rating = (0.79)(36) = 28T

Negative Moment:
RE. = (0.7)(7.32) - (1.2)(0.609)

(1.3)(2.8)(1.2)

RF, = 1.00
Rating = (1.00)(36) = 36T

Vehicle Type 3:
Positive Moment:
RE. = (0.7)(10.95) - (1.2)(0.448)
=

(1.3)(3.08)(1.2)

RF. = 1.48

- Rating = (1.48)(25) = 37T

et

1 44




Negative Moment:
_ (0.7X(7.32) - (1.2)(0.609)

€ (1.3)(2.17)(1.2)
RF; = 1.30

Rating = (1.30)(25) = 325T

1l. Rating Beam:

Dead Load:
Self Weight: (1)('_'_5_;_112) (0.150) = 0.244 k/ft
Slab: (0.100)(8.58) = 0.858 k/ft
1.102 K/ft
Dead Load Moment:
My, = w;f _ (1.10?;(20)z

MbpL = 55.09 fi-k

Live Load Moment:
Vehicle HS20:
a=85 . 6 5.5
|
116 k 16 k
PA je.
20
Ry

¢ Truck positioned to produce maximum moment

Mu, = Ria = (13.6)(8.5)

M. = 115.60 ft-k

9T

Vehicle Type 3:

85k 85k

4 15'

8k

1

| 1
. |
| }f 8.58'? 8.58'}') 8.58'/‘[

|
3

|R=l4.7k

0000000000000 8
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a=8.5' 6 5.5 w < 0.25(21.5)
w < 64.5in.
14.7k 14.7k Overhanging Flange Width:
20° t = Slab thickness
R, t = 8in.
e Truck positioned to produce maximum moment we < 6(8)
we < 48 1n.
MLL - RLa - (1250)(8.5) Wr = 26.26in. < 48 in.
My = 106.25 fi-k . or _
iii.) wg € One-half clear distance to next web
Flexural Design Strength: wr £ 0.5091) =
wr < 45in. ~
R w =64.5" “ wi = 26.25in. < 45in.
7"}—_: Steel:
W =26251  |w =26.25726.78" 2L's: 21/2x212x /4 = 2.38in”
y L_ A fy (L's) = 42 ksi (From laboratory tests)
| - e 2 Square bars = 2in.?
0'75«1 12" fy (Bars) = 47 ksi (From laboratory tests)
42
Flange Width: A; = 238 47 +2
i.) w < 0.25L As = 4.13 in.2
= 3,800 ksi
L = Length of beam g: = 29.000 lel

L =215ft



A _ 413
P=d (64.5)(26.78)
p = 0.00239
Prmax = 0.75pp

0.85B,1.' (87,000)
f,(87,000 + f,)

B: = 0.825

_0.85(0.825)(4.5)(87,000)

"~ (47)(87,000 + 47,000)
Py = 0.0436

Pmax = 0.75(0.0436)

Pmax = 0.0327

pb

p = 0.00239 < pmax = 0.0327
.~ Tension steel yields

M, = Asfy(d ; 3)
2

fy = 47 ksi
f¢' = 4.5 ksi (Obtained from laboratory tests)
d = 26.78 in
Af,
a =
0.85f'b

(4.13)(47)

= (0.85)(4.5)(64.5)
a = 0.787 in.
0.787
(4.13)(47)} 2678 -~ ——
M, = 2
" 12
M, = 426.82 fi-k
Rating:
RFc = ¢Mn - yDMDl.
Y. M, (1+])
¢ = 0.85 (No deterioration, intermittent
maintenance)
Yo = 1.2
Moo= 13
I =02
Vehicle HS20:
. 362.80 - (1.2)(55.09)
¢ (1.3)(115.6)(1.2)
RFE, = 1.65

Rating = (1.65)(36) = 59T

8¥T
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Vehicle Type 3:

_ 362.80 - (1.2)(55.09)

e =

(1.3)(106.25)(1.2)

RF, = 1.79

Rating = (1.79)(25) = 44 T

Rating Modification:

RFr = REK
K = 1+KaKb
Factor K, :
= &
8T

Theoretical Strains:
E; = 29,000,000 psi
E. = 3,800,000 psi
_ 29,000,000

n=s — =
E, 3,800,000
n=2_8

_E

R 64.5" |
T T
o1 H - N.A. 26.78"
" 18.76"
§ | — -———1-

12" :i(n - DA

Equivalent Section:
(n- DA, = (8- 1)4.13)
(n- DA; = 2891 in.2

Location of Neutral Axis:
y = 18.76in.

Moment of Inertia:

3
L= aAd
12

18

52,068 in.}

Moment From Test Vehicle:

S N T R L D R DR R R

6vC



7I 6I 7' oc

€& = E
16.5k 16.5k
€. = Calculated theoretical strain in
Y A3 concrete
2 499
Ry % = 3800,000
= 1.31 x 10” infin.
» Truck position obtained from field
test er = 51 x 10 in./in.
Mr = Ria ¢r = Strain produced by test vchicle
My = Maximum theoretical live load -4 o
€, 131x 10 Q
moment due to test vehicle K== -1 = STx10°
Mr = (16.5)(7) ér X
My = 1155 fik Ko =157
Theoretical Stress (Uncracked Section): M:
o, = M,y Ko = KpiKp2Ks3
I
8 .
o = (115.5)12)(1000)(18.76) Yehicle H320: v
‘ 52,068 Kott o = T

o, = 499 psi My (I +D
T _ 115.5
w (115.6)(1.2)
—T— = (.83
W \

9000000000000 08°080



Kpi = 1.0 Vehicle HS20:
RFr = (1.65)(1 + (1.57)(0.80))
Member behavior can be RFr = 3.72
extrapolated to 1.33W for
T/W > 0.7 Rating = (3.72)(36) = 133 T
Vehicle Type 3: Veh?cle Type 3:
Kor: T _ M, RFr = (1.79)(I + (1.57)(0.8))
W M,(1+D RFr = 4.04
T 115.5
B kS Rating = (4.04)(25) = 101 T
W (10621)(12) ating = (4.04)(23)
I _ 0.91 I11. Rating Hangers:
w Dead Loads:
Curb: (6)(1/12)(1.75)(8.583)(0.150) = 1.13k o
Kv = 1.0 Beam: (0.244)(10.75) = 2.62k 2
Slab: (0.858)(9) = 7172k
Member behavior can be Railing: (1.80)(7.58)(0.150) = 205k
extrapolated to 1.33W for Self Weight: (7/12)(16/12)(10.8)(0.150) = 1.26k
T/W > 0.7 148 k

Kp2: 0.8 (Routine inspection
between | and 2 years)

Kuz: 1.0 (Fatigue does not
control, redundancy)

Kp = (1.0)(0.8)(1.0)
Ky = 0.80

RFr = RFE(1 + K,K})



Live Loads:
(2 ft. from curb)

Vehicle HS20:
3.5 6
]
16 k l16 K
JA) 3
20'
PLL

® Truck positioned to produce maximum
axial force

P = 216k

P = Maximum theoretical axial live load
due to rating vehicle

Vehicle Type 3:
35 6
147k 147k
Al | je
20" |
P

¢ Truck positioned to produce maximum
axial force

Pu = 198k

(A4

Capacity:
4L’s: 2x2x1/4

Area (1) = 0938 in.2

Total Area = 4(0.938) = 3.75 in.2

fy = 42 ksi (Obtained from laboratory tests)
R, = f,A = (42)(3.75)

R, = 1575k
Rating:
= ¢R, - 7,D,
7. P, (1 + 1)

¢ = 0.80 (Slight deterioration, careful
inspection, intermittent maintenance)



1.2
1.3
03

Yo

T
|

Vehicle HS20:
_ (0.80)(157.5) - (1.2)(14.8)

RF, =
(1.3)(21.6)(1 .2)
RF, = 321

Rating = (3.21)(36) = 115 T

Vehicle Type 3:
- (0.80)(157.5) - (1.2)(14.8)

|

(1.3)(19.8)(1.2)
RF, = 3.50

Rating = (3.50)(25) = 87T

Rating Modification:

RFT = RF(;K
K=1+ KKy
Factor K, :
K = 5

T

Load Due to Test Vehicle:

(1.67 ft from curb)

T, 6
! |
l!6.5k ll6.5k

5

20 I

Py

* Truck positioned to producc maximum
axial force

Pr = 228k

Pr = Maximum theoretical axial live
load due to test vehicle

P, _ 28

= = 57k
No. of Angles 4

5 = P _ 670000
T A 0.938

o = 6,077 psi
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= Zs Kot = 1.0
€ E, .
Member behavior can be
& = Calculated theoretical strain in extrapolated to 1.33W for
e = 6,077 Vehicle T!m 3.T p
29,000,000 Kbl: W = -P—(-iJTI-)-
= 2.10 x 10™ in./in. L
€ X in./in T 28
er = 95x 10 in./in. W 19.8(1.2)
. ) T = 0.96
er = Strain produced by test vehicle w
[
E, 2.10x 10" Kni = 1O L
Ko= =% -1= 0o -1
€y 95x 10 .
K. = 1.2] Member behavior can be
v extrapolated to 1.33W for
FactorK,,: TW>01
Ko = KpiKp2Kp3 Ky2: 0.8 (Routine inspection
between | and 2 years)
Vehicle HS20:
K T _ Py Kvs: 1.0 (Fatigue does not
W P (1+]) ' control, redundancy)
. 28 Ky = (1.0)(0.8)(1.0)
T At A/ AN p = (1. . L
Y;l 21.6(1.2) ‘ K, = 0.80
— = (.88
w



A A A S SR
Yehicle H520:
RFr = (3.214)(1 + (1.21)(0.80))
RFr = 6.32

Rating = (6.32)(36) = 227T

Vehicle Type 3:
RFr = (3.50)(1 + (1.21)(0.80))
RF; = 6.89 )

Rating = (6.89)(25) = 172 T

IV. Rating of Arches:

At Crown:
i
207 [T
27"
2.%___*____{:_
! 22"

A; = 4L's: 3x3x5/16 = 4(1.78)
A = 7.12ink2

¢ = 4.5ksi (From laboratory tests)
fy = 42ksi (From laboratory tests)

Dead Loads:
All reactions determined using structural analysis
software.

N(&Hl H'H\ﬂ
abcdeedcba

l 85' I
a = 10k ¢c =143k e= 148k
b =138k d= 146k

.. At crown of arch:
PpL = 138.85k
MpL = 17.77 ft-k

Live Loads;
Vehicle HS20:
w1
I | |
16 k 16k 14 k

> ) y: y: Y-
8.58' | 8.58' | 8.58' | 8.58'

®

Y4
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c b
l 85’ J I 85' '
a =150k ¢ =216k e =38k a =16k c = 1.2k
b =66k d =16k b=147k d = 8k
.. At crown of arch: . At crown of arch:
PLL = 60.1 k Pu_ = 2922k
My = 61.10ft-k ML = 53.22ft-k o
(¥,
Vehicle Type 3: Capacity: <
Assumed average Eccentricity of Axial Load on the Arch:
4 15 (Mu. + MDL) + (Mu, + MDL)
r T 1 \ PLL~+ PDL HS20 \ PLL + PDL Type 3
€avg =
8.5 kl ls.Sk lSk 2
. . ((61. JIND(12 53.22 + 17.7D(12
T (6110+177)()+(( X12)
L8-58'_L8.58‘_L 8.58'_] eavG = \ (60.10 + 138-85) VR (29.22 + 138.85)
1 § 13 | 2
@ 476 + 5.07
CAVG T
2
€Avg = 4.9 in.
P, = 1,450k From column interaction
M, = 598 ft-k diagram

PN TN - . =~ -
i 1 E o 4 i
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Rating: Vehicle Type 3:
. _ 9P - 7.P, oM, - Y M, Axial Load:
RF. = m or = YlMu(lD+ ;’)' R = ©70)(1450) - (1.2)(138.85)
T o ¢ (1.3)(29.22)(1.2)
Yo = 1.2 RF. = 18.61
T = 1.3 .
I =02 Rating = (18.61)(25) = 465 T
¢ = 0.70 (Heavy deterioration, careful
inspection, intermittent maintenance) Moment:
’ RE. = (0.70)(598) - (1.2)(17.77)
Vehicle HS20: ) (1.3)(53.22)(1.2)
Axial Load: RF. = 4.79
RE. = (070)(1450) - (1.2)(138.85) o
RF. = 9.05 Rating Modification:
L _ RFr = RFK
Rating = (9.05)(36) = 325 T K = 1+K.Kp
Moment: .
_(0.70)(598) - (1.217.77) Factor K, :
(1.3)(61.10)(1.2) K, = £c .1
RF, = 4.17 £r

Rating = (4.17)(36) = 150 T



Axial Load and Moment Due to Test Vehicle:
All reactions determined using structural

analysis software.
F_._‘._S' 14.5'
9.75 kl l9.75k 17.3k
! » A B
| 8.58' | 8.58' | 8.58'|
"( ] ‘ ‘ »
abcd
l 85' l
a =352k ¢ =17k
b =143k d = 56k
P'r = 32.7k
Mt = 5287 ft-k

Theoretical Stress/Strain:
Analyzed as an uncracked section.

2.9" G,

I b
c
a7 24.1 —_ = g
-+ Y
22"
E; = 29,000,000 psi
E. = 3,800,000 psi
_E _, 3
= B - o0
Pr = 327k
Mr= 52.87 ft-k

0000000000000 80808



Transformed Section:

<@n- DA, 29"
=

/T
27" g — ——NA.
13.94"
= rLJ—L
129"
{n- DA, 22"

Transformed Area:
Atop = (2n - 1)A; = ((2)(8) - 1)(3.56)
Atop = 53.4 in?

Apor = (n - 1)As = (8 - 1)(3.56)
Agor = 24.92 in?
Ator = Ator + Apor + Aarcr

= 53.4 +24.92 + (22)(27)
Ator = 672.32 in?

Moment of Inerlia:

3
= A
12

I; = 44,750 in.*

Location of Neutral Axis:

y = 13.94 in.

Concrete Stress/Strain:

o. =

c =

Oc

K,

P + M,y
Aqor I .
32.7(1000) +

67232
(52.87)(12)(1000)(13.94)

44,750

= 246 psi

e =
E,

Calculated theoretical strain in
concrefe

£
i

246
3,800,000
6.47 x 107 in./in.

]

51 x 10 in./in.

€&t =

er = Strain produced by test vehicle
_ & . _ 641x10°
s 51x10°
= 0.27

65T




Factor K :
Kb = Kp1Kp2Kp3
Vehicle HS20:
ke T
bl- W

T
w
T
w

Ko =

M,
T M1+ D)
5287
"~ (61.1)(1.2)

= 0.72

1.0

Member behavior can be
extrapolated to 1.33W for

T/W >

Vehicle Type 3:
T
Kyi: — =
Y

T
w
T
w

Kpi =

0.7

M,

M, +D

52.87

(53.22)(1.2)

0.83

1.0

Member behavior can be
extrapolated to 1.33W
for T/W > 0.7

Kp2: 0.8 (Routine inspection
between | and 2 years)

Kp3: 0.9 (Fatigue does not
control, no redundancy)

Ky = (1.0)0.8)(0.9)
Ky = 0.72

RFy = RF(1 + K. Ky)

Vehicle HS20:
RF; = (4.17)(1 +(0.27)(0.72))
RF; = 498

Rating = (4.98)(36) = 179 T

Vehicle Type 3:
RFr = (4.79)(1 + (0.27)0.72))
RFT = 572

Rating = (5.72)(25) = 143 T

08808808880

09¢



Table B.2. Bridge . Rating Summa[x.

Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RF, RFy R(tons) RF, RFy R(tons)
Slab: 0.79 LR 1.3
Beams: 1.65 59.4 372 133.9 1.79 4.04 101.0
Hangers: 3.21 115.6 6.32 221.5 3.50 6.89 172.3
Arches: 4.17 150.1 4.98 179.3 4.79 5.72 143.0

192
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BRIDGE III

BOONE COUNTY SLAB BRIDGE NO. 40
Year built; 1920

0 18- 4" .
| J1 | 1 | 11 ] I i
: : Y ¢
L ] 3.6
4 1'-9
-7 ‘::b.‘,:;nrd“.‘d ':: ) ; ‘:d.b ‘f
~ \L t !
V\/\ /\/\ 20°- ¢*
™ 220 ~
24'-0 g
ELEVATION

TYPICAL CROSS-SECTION

1. Rating Slab: Dead Load Moment:
Dead Loads:

_wL! _ (0.308)(23)
Railings: [(2)(1.88)(0.150)(22)(DV[(22)(20)] = 0.028 k/ft/ft width Mp. = 8 8
Slab:  (0.150)(20)(1/12)(1) = 0.250 K/ft/ft width
Gravel:  (0.120)(3)(1/12)(1) = 0.030 /ft/ft width L = Distance from center of supports
0.308 k/ft/ft width

Mp, = 20.37 ft-k/ft width



Live Load Moment:
E = 4 +0.06(s)
E = Wheel Distribution
s = Slab Length

E = 4+(0.06)(23)
E =538ft
Vehicle HS20:
1.5, 14 ; 14
' I .
lmk f16k* ke
7
| 23 |

* Truck positioned to produce maximum moment

PL
My, = —
T 4E

My = Maximum theoretical live load moment
due to rating vehicle

[( 16)(23)]
4
My =
v 5.38
ML = 17.10 ft-k/ft width
*Wheels off bridge

Vehicle Type 3:

a=105 4 15

t
8.5 kl | 85k
! 23 I
R,

e Truck positioned to produce maximum moment

R,a 10.5
My = —2 = (776 -—)
w=—pm=( )(5.38

My = 15.2 ft-k/ft width

PTYS N

14° 14

Flexural Design Strength:
(Typical 1 ft Section)

l2"

20" 18.625"

As = 2(0.75)(0.75) = 1.125in.2

9000000000 00000C00CBS8S0
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Average deck thickness = (21 + 19)/2 = 20 in. M = Adf(d - a/2)/12
d = 20-1-0.75/2=18.625 in.
fy = 33 ksi (Assumed) _ A
f/ = 4ksi (Assumed) ? = 08stb
bd  (12)(18.625) A = 09'1 "
p = 0.00503 IR 0.91
(1.125)(33)(18.625 - —2—)
Pmax = 0.75ps : M, = 12
b -
f,(87,000 + f) Rating: o y ?.:‘
- n " YoMp,
Bi = 0.85 RFe = Y Mo+ D
P = 0.85(0.83)(4)(87,000) ¢ = 0.70 (Fair condition, no redundancy, careful
33(87,000 + 33,000) inspection, intermittent maintenance)
pp = 0.0635 w =12
% = 130
Pmax = 0.75(0.0635) I = 0.1 (Good condition)
Pmax = 0.0476
Yehicle HS20:
p = 0.005.03 < Pmax = 0.0476 RE. = (0.70)(56.21) - (1.2)(20.37)
Tension steel yields €= (130)(17.10)(1.1)

RF. = 0.61

Rating = (0.61)(36) = 21 T



Vehicle Type 3: admio—|
RE. = (0.70)(56.21) - (1.2)(20.37)
. =
(1.30)(15.15)(1.1) 20" 18625 || NA
c - 0.69 97|3" o
Rating = (0.69)(25) = 17T L I 1
N (n- 1A,
Rating Modification:
Equivalent Section:
RFy = RF.K (n- DAs = (8- 1)(1.125) = 7.875in.?
K =1+K;K
Ka Ko Centroid:
Factor K : y = 9.73in. &
8:
Ko = Pl 1 Moment of Inertia:
T bh? 5
Ig = 72— + Ad
Theoretical Strains: .
E. = 29,000,000 psi I = 8,567 in"
= 3,600,000 psi .
Ee E 29 O%S(; 000 Moment From Test Vehicle:
n = 2=
E, 3,600,000 a=115 45 145
12.95 kl l 1295k 18.6 k*
Q O}
RL

S A ¥ Y T Y L Y Y Y
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e Truck position obtained from field test Factor K,

Kp = Kp1Kp2Kp3

Mt = Rja = (10.4)(11.5)
My = 286 Vehicle HS20:
5.38 K T M,
Mr = 22.23 ft-k/ft width W T M, (1 +])
Theoretical Stress (Uncracked Section): T = _nn
5. = My _ (22.23)(12)(1000)(9.73) W (17.10X1.1)
¢ = = T
1, 8,567 W 1.18
o. = 303 psi
o, Kw = 1.0 o
€& = — 2
E. Member behavior can be
extrapolated to 1.33W for
€. = Calculated theorctical strain in concrete ' T/W > 0.7
e = 303 Vehicle Type 3:
3,600,000 K- T _ M,
g = 8.42x 107 in/in. w o M, (+D
T _ 22.23
er = 1.3x 10%infin. W (15.15)(1.1)
T _ 1.33
gr = Strain produced by test vehicle w
-5
Ko= e = 382%10° Kot = 1.0
Er 1.3x10

Ka= 548



Member behavior can be Vehicle HS20:
extrapolated to 1.33W for RFy = (0.61)[1 + (5.48)(0.72)]
T/IW>0.7 RFr = 3.02

Kpz: 0.8 Routine inspection Rating = (3.02)(36) = 108 T

between 1 and 2 years
Vehicle Type 3:
Kya: 0.9 No redundancy, fatigue RFr = (0.69)[1 + (5.48)(0.72)]
does not control RFr = 341

Ky = (1)(0.8)(0.9)
Ky = 072

Rating = (3.41)(25) = 85T

RFr = RF(1 + KuKs)

89¢

Table B.3. Bridge IIl: Rating Summary:

Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RF, R(tons) RF; R(tons) RF, R(tons) RFy R(tons)
Slab 0.61 22.0 3.02 108.7 0.69 17.3 341 85.3

N e e E P N EaNE N . e -~ — - s . N . e P



BRIDGE IV
LUTEN ARCH
Year Built: 1912
8"
—f fom 15'- 4" ‘
) 1 ¢ 1 C 3 € -r =¥ 1 C 1 000 ) ey |
i |~
f|3, 3'30" 1 ‘
,‘il" .‘.'“"‘ LA AL ;]‘l
i ~\,\/\
Lreer
63'-0" — o

ELEVATION TYPICAL CROSS-SECTION

I._Rating of Arch:
At Crown:

Typical 1 ft. section

4 ksi (Assumed)
33 ksi (Assumed)

4
I
13" A; = 2Bars: 3/4in. ¢ = 2(0.44)
| o A, = 088in?
f; =

e e e gt e eaa e o e e e e eeeaereeer el g

697



Dead Loads:
All reactions determined using structural analysis

software.
1 1.08' 1
6.21" > o
2.79 I
63

Assumed weight of fill = 120 Ib/ft®

kjihgfedcba | abcdefghijk

s25| | 525

‘ €

" 63' L |
a = 20Ib/M/ftwidth g = 320 Ib/fUft width
b = 45W/M/ftwidth  h = 405 Ib/fUfe width
c = 80IbMUftwidth i = 505 Ib/fuft width
d = 125Ib/fuftwidth  j = 620 Ib/fUfe width
e = 180 Ib/fft width  k = 745 Ib/fuft width
f = 245 Ib/fv/ft width

Mpi, = 2.58 ft-k/ft width
PpL = 16.19 k/ft width

Live Loads:
Wheel load distribution (AASHTOQ 6.4.2):
¢ For fill less than 2 ft, wheel loads arc distributed as
if the loads were applied directly to slab.

E=44006s <7011
s = span length, ft
o For fill greater than 2 ft but less than 8 ft, the wheel

loads are distributed over squares having sides
equal to 1.75 times the depth of fill. When

these squares overlap, the wheel loads are evenly
spread over the gross area.
wL = 1.75h

wL = Length of distribution
h = Depth of fill

. . . . ’ . ,. 1’. a‘" s’. :‘ (‘

0LZ
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Vehicle HS20:
(B
L 118 Q? 14 ? 4 (?
T™ T "1
L7, F, B ll% ‘1.17'
T = | ~
¢

!
[=,
v

¢ Truck positioned to produce maximum moment

Wheel loads at A, B, and C:
Fill < 2 ft
E = 440.06s <7ft
E = 4 +0.06(63)
E=778ft=7ft

16
7
Pa = 2.29 k/ft width

Pa

16
Pgp = —
8T

Pp = 2.29 k/ft width

4
Pe = —
€773
Pc = 0.57 k/ft width
My = 4.33 ft-k/ft width
ML = Maximum theoretical live load moment at crown
of arch due to rating vehicle
Pu. = 7.68 k/ft width
PL. = Maximum theoretical axial live load at crown of
arch due to rating vehicle
Vehicle Type 3:

21.5'

P s

%

1!:
——
¢

¢
ch

I

ﬂ_PA : 1.33

—

| J

e Truck positioned to produce maximum moment

AR T TR R R R A A |

L2



Wheel loads at A, B, and C;
Fill <2 ft
E =4+0.06s s 7ft
E = 4 +0.06 (63)
E=778ft="7ft

8.5

Pr= —

AT

Pa = 1.21 k/ft width
8.5

Pg = —

5T

Ps = 121 k/ft width
8

P = =

€T3

Pc = 1.14 K/t width

MpL = 3.50 ft-k/ft width
P = 5.90 k/ft width

Capacity:

Assumed average eccentricity of axial load on the arch:

(Mu +M,,,_) +(MLL +MD,,)
P +Por oo Py +Py, Type 3

eavg * =

2

((4.33+2.58)(l2))+((3.50+2.58)(12))

7.68+1619 590 +16.19
€AvG = )
347 + 3.30
€Avg = ——2—-—-

eavg = 3.40in.

= 301 k/ft width

P, From column interaction
M, = 86 ft-k/ft width

diagram

Rating:

P, — Y, P
RFc__¢n 'YDDI.

~ oy P, (1+D

q)Mn ~ YDMDL
Y M (1+D)

1.2

1.3

0.2 (Poor condition)

¢ = 0.60 (Heavily deteriorated, no redundancy,
carcful inspection, intermittent
maintenance)

Yo
g
1

Ychicle HS20:
Axial Load:

RF, = (060301~ (12)16.19)

(1.3)(7.68)(1.2)
RF, = 13.45

Rating = (13.45)(36) = 484 T

*For analysis purposes, the eccentricity within the arch is assumed to remain constant for all load cases.

.
00 0080000000000 00C0C00QGR0

LT
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Moment: Axial Load and Moment Due to Test Vehicle:
RE. = (0.60)(86) - (1.2)(2.58) All reactions determined using structural analysis
¢ (13)(4.33)(1.2) . software.
RF. = 7.18
Rating = (7.18)(36) = 258 T L 27 ?5? 16.5' @?
N |
Vehicle Type 3: [ l P '
Axial Load: ‘ 1 1.63
RE. = (0.60)(301) - (1.2)(16.19)
‘ (1.3)(5.90)(1.2)
RE, = 17.51
Rating = (17.51)(25) = 437 T
g =( )25) l, 63 J 8
Moment: ' ' v
0.60)(86) - (1.2)(2.58
RF, = ( (:.(3) (;. 5 é) ( l.);) ) » Truck position obtained from field test
RF; = 8.39 Wheel loads at A, B, and C:
. Fill <2 ft
Rating = (8.39)(25) = 209 T E = 4+0.065 = 4 +0.06 (63)
E=778ft = 71t
Rating Modification:
RFr = RF.K 10.58
K = 1 +KK, : Pa= ——
Factor K. P, = 1.51 k/ft width
K, < £ p, = 1058
o 7

Pg = 1.51 k/ft width



935 Transformed Section:

Pe= = i
Pc = 1.34 k/ft width %3:' L
Mt = 4.22 ft-k/ft width 13" - f N.A.
i 6.6"
Mr = Maximum theoretical live load moment at 27 —
crown of arch due to test vehicle H
. 12"
Pr = 7.06 k/ft width

Pr = Maximum theoretical axial live load at crown Transformed Area:
T = m theoretical axial li atc Aror = (20 - DA. = (2)(8) - 1)0.44)

of arch due to test vehicle

Aror = 6.60in2
Theoretical Stress/Strain: N
(Analyzed as an uncracked section) ) Asor = (n- DA, = (8 - 1)(0.44) A
= - g - - '
i Agor = 3.08in’
b q —Eet |
I"T & Aror = Atop + Apor + Aarcn = 3.08 + 6.6 + (12)(13)
13 - Bre Aror = 165.68in.?
/ ' Location of Neutral Axis:
12 Ec.l L_ y = 6.6in.
E; = 29,000,000 psi Moment of Inertia:
E. = 3,600,000 psi 3
"7k P I = % + Ad?
n =-==8
E, I = 2,392 in*
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Concrete Stress/Strain:
O = P, + M.y
Acor ls
_ (7.06)(1000) + (4.22)(12)(1000)(6.6)
¢ 165.68 2,392
Gc = 182 psi
e = %
= E
€. = Calculated theoretical strain in concrete
_ 182
3,600,000
g = 5.05x 107 infin.
er = 38x 10°% in.fin.
€r = Strain produced from test vehicle
-$
Kn = Ee -1 = .5_9_5._}£_l_%_ -
€1 38x 10
K. = 0.33
Factor K
Ky = KpiKp2Kes

Vehicle HS20:

Kbl: ;r. - ___._.hd_r_.._.
w M, +D
'_I‘_ _ 422
W (4.33)1.2)
I - o8
W \
Ko = 1

Member behavior can be
extrapolated to 1.33W for
T/IW >0.7

Vehicle Type 3:

M
Kbli 1

M, (1+1])
422
(3.50)(1.2)

= 1.00

g3 €3 €[4

= 1

F

Member behavior can be
extrapolated to 1.33W for
T/IW > 0.7

Kp2: 0.8 Routine inspection
between 1 and 2 years

SLT




Kps: 0.9 Fatigue does not control, no
redundancy

Ky
Ky

(1)(0.8)(0.9)
0.72

hn

RFr = RF(1 +K.Kyp)

Vehicle HS20:
RFr = (7.18)(1 + (0.33)(0.72))
RF; = 8.89

Rating = (8.89)(36) = 320 T

Yehicle Type 3:
RFr = (8.39)(1 +(0.33)(0.72))

RFr = 10.38

Rating = (10.38)(25) = 259 T

Table B.4. Bridgc Iv: Rating Summa_l_xx:

Vehicle HS20 Vehicle Typc 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RF, R(tons) RFy RF, R(tons) RFy R(tons)
Arch 7.18 258.5 8.89 8.39 209.8 10.38 259.5

p P p

9LT



B S e A O e O e O T T

BRIDGE V

HARDIN COUNTY CONCRETE STRINGER BRIDGE
Year built: 1918

0 e e | s i ] I s | s | el 4] (20 _:_0“
3| - 2“
[~ 7".‘;.‘::. Bl JF
J ] sl b
a2 N
I'-6 I 1’6 -3
6 L 6-00 L _36-0 JL6
BI B2 B3
ELEVATION TYPICAL CROSS-SECTION
L._Rating Beam BS: (Center beam on span 2) ' Mo = U 34)(37)°
Dead Loads: oL 8
Deck:  (7)(1/12)(7.25)(0.150) = 0.634 k/ft MpL = 229.31 ft-k
Slab: (15)(1/12)(39)(1/12)(0.150) = 0.609 k/ft
Gravel:  (1)(1/12)(9.25)(0.120) =_0.093 Kk/ft Live Load Moment:
1.34 kit Distribution factor:
]
Dead Load Moment: DF = 65
wl?
Mp, = — .
8 s = Center to center spacing of
beams
L = Distance from center of supports s = 7.25ft > 6ft

LLT



Since 's' is greater than 6 ft, assume the flooring

between stringers to act as a simple beam with 6.16' 14 : 14
the load on each stringer being the wheel load | | |
reaction. 118.76 k l 18.76 k 14.69 k
Vehicle HS20: . f 37 j)
(Rear wheels) ) K
425 . € ,
T 1 ¢ Truck positioned to produce maximum moment
16k l 16k !
§ ye =51 My = 232.09 fi-k
1 B .
| 725 ] 125 | My = Maximum theorctical live load moment
‘ due to rating vehicle ®
R, Vehicle Type 3:
R; = 18.76k (Rear wheels)
(Front wheels) 4.25 + 6 ]
4.25' 6 8.5k l 8.5k ]
T 1 § e yx
L LY ) f . B2 B3
y yo) Yo | 7.25 I 7.25 J
B1 B2 B3
I 7.25 | 7.25' |
| ° .
R, Ry =997k
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(Front wheels) Flexural Design Strength:
375 . 667 w =17.25'
I 1 7"
( 8 k l 8k l F .
) =7 e
) 5 BT e B a2t
Bl 2 B3 ~ - »
L 725 F 125 5 | A,
5 t - -'—-'—'-Ill
I 3» 15"
R,
R, = 8.65k A, : 3Bars: 1.125in. Square = 3.80in.”
A, - 3 Bars: 1.25in. Square = 4.69 in.2 o
d = 41.22 in. 3
13.01" 4" 15 fy = 33 ksi (Assumed)
[ 1 f/ = 4 ksi (Assumed)
9.97 k l l 9.97k 8.65k
je; Flange Width:
L 37 ] i) w<025L

L = Span length

* Truck positioned to produce maximum moment L =371t

My = 181.59 fi-k w < (0.2537)
w < 9.25ft



—

—

Overhanging Flange Width: 0 0.85(0.85)(4)(87,000)
y = .

i) wr <6t " 33(87,000 + 33,000)
, po = 0.0635
t = Slab thickness
t = 7in. Pmex = (0.75)(0.0635)
max = 0.0476
wr < 6(7) P
W < 42in. p = 0.00237 < Ppax = 0.0476
. Tension steel yiclds
wr = 36< 42in.
or _ M, = Adfy,(d-a/2)/12
iti.) wr £ One-half clear distance to next web
wp < (0.5)(6) Af, o
W< 3ft * T 0s8st'b 8
Wi =3t 2 o B33
' T (0.85)(4)(87)
o = A, 8.49 a = 0.95in.
=T T @Al 0.95
bd  (87)(41.22) (8.49)(33)(41.22 - ——)
p = 0.00237 M. = 2
" 12
Pmax = 0.75p M, = 95129 ftk
_ 0.858,f.'(87,000) Rating:
= M. -y, M
f,(87,000 + f,) RF, = IMa-YoMpy,
"WML, +1)

Bi = 0.85

" 0000000000000 OCOOSOSOSSESOBRESOTSTS



¢ = 0.85 (Good condition, redundancy, careful
inspection, intermittent maintenance)
Y™ = 1.2
w = 1.30
I = 0.1 (Good condition)
Vehicle HS20:
RE. = (0.85)(951.29) - (1.2)(229.31)
¢ (1.3)(232.09)(1.1)
RF, = 1.61

Rating = (1.61)(36) = 57T

Vehicle Type 3:
RE. - (0.85)(951.29) - (1.2)(229.31)
€ (1.3)(181.59)(1.1)
RF, = 2.05

Rating = (2.05)(25) = 51T

Rating Modification:
RFr = RE; K
K =1+K,Ky

Factor K, :

Ko= 2% -1

Er

Theoretical Strains:
E, = 29,000,000 psi
E. = 3,600,000 psi
E, 29,000,000 8

E, 3,600,000

7.25'

T
r

30.24"

— _%l———i-
15" (n-DA,

Equivalent Section:
(n- DA, = (8-1)8.49) = 59.43 in2

Centroid:
y = 29.98 in.

Moment of Inertia:

3
I, = bh™ , ad?
12

I; = 274,174 in.*

41.22"

18C



Moment From Test Vehicle: 14 45 1558
(Rear wheels) . |
12.81 k l !12.81 k l9.47k
428 6
| | 37 A7
10.93 k l 1093 k l ]
g 5 4
| 7.25' J 7.25' ] * Truck position obtained from field test
I Mr = 22245 ft-k
R,
My = Maximum theoretical live load moment due
R, = 1281k to test truck o
(Front wheels) Theoretical Stress (Uncracked Section):
M.y  (222.45)(12)(1000)(29.98)
37 . T G = 7= 274,174
{ ] 4 !
9.15kl 9.15k‘ 6. = 292 psi
Bl é% 1393 g
728 | 128 ©=E
]L €. = Calculated theoretical strain in concrete
& = —292__
Rz = 947k 3,600,000

= 8.11 x 10° in/in.

R N A A / {. F ;’. {. {. {. {. ;. ;’. !. {. f. {‘ f. f. r'. ('
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er = 1.66x 10* in.fin. T _ 22245
w (181.59)(1.1)
&r = Strain produced from test vehicle T 11
.8 w - .
£, 8.11 x 10”
Ki= -5 -1 = —_—-
&r 1.66x 10 Kyt = 1.0
Ka= -0.51
Member behavior can be
Factor K ' extrapolated to 1.33W for
Kb = Ko1Kp2Kp3 T/W>0.7
Vehicle HS20: Kv2: 0.8 Routine inspection
between 1 and 2 years
T M, ™
Kot & = ——T— 2
w M.(1+] Kuz: 1.0 Redundancy, fatigue
T - 22245 does not control
w (232.09)(1.1)
T Ky = (1)(0.8)(1.0)
w =087 Ky = 0.80
Kbl - l_o RFT = RFc(l +K0Kb)
Member behavior can be Vehicle HS20:
extrapolated to 1.33W for - RFy = (L6D{1 +(-0.51)(0.80)]
TIW > 0.7 RFr = 0.95

Vehicle Type 3: Rating = (0.95)(36) = 34T

KMZ = MT

Tr__M
W M+



Vehicle Type 3:
RFr = (2.05(1 + (- 0.51)(0.80))
RFr = 1.21

Rating = (1.21)(25) = 30T

Table B.5. Bridge V: Rating Summary:

Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating §
RF, R(tons) RFy R(tons) RF, R(tons) RFy R(tons)
Beams 1.61 57.9 0.95 34.2 2.05 51.3 1.21 30.3
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BRIDGE VI

CONCRETE FILLED SPANDREL ARCH
Year Built: 1913

4500 3.0
ELEVATION TYPICAL CROSS-SECTION

L. Rating of Arch:
At Crown:

(Typical 1 fi. section)

'Ql
z 1
n A, : 2Bars: 7/8in. ¢ = 2(0.60)
o As = 120in2
) f.' = 4ksi (Assumed)
12° fy = 33 ksi (Assumed)

¢8¢C



Dead Loads:

All reactions determined using structural analysis
software.

Assumed weight of fill = 120 Ib/f®

kjihgfedcbabcdefghi jk

sty

AN
Rl ol o il

45'
a = 60 Ib/ft/ft width g = 340 Ib/fv/ft width
b = 65 lb/ft/ft width h = 455 Ib/ft/ft width
¢ = 90 Ib/ft/ft width i = 590 Ib/ft/ft width
d = 1251b/ftft width  j = 755 Ib/f/ft width
e = 180 Ib/ft/ft width  k = 825 Ib/ft/ft width
f = 250 Ib/fi/ft width

MpL = 11.03 ft-k/ft width
PpL = 64.05 k/ft width

Live Loads:

Wheel load distribution (AASHTO sec. 6.4.2):
¢ For fill less than 2 ft, wheel loads are distributed as

if the loads were applied directly to slab.
E=4+006s <70t
s = span length, ft

¢ For fill greater than 2 ft but less than 8 ft, the wheel
loads are distributed over squares having sides
equal to 1.75 times the depth of fill. When
these squares overlap, the wheel loads are evenly
spread over the gross area.

98T

wL = 1.75h

wL = Length of distribution
h = Depth of fill
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Vehicle HS20; 6'

AN R AT R
/
4-95' 4_951

Cross-section at A

Loaded area = (4.71)(4.95)
Loaded area = 23.31 ft

NGB
P L

Wheel pressure = 16 N
2331 ®
Wheel pressure = 0.686 k/ft®
Wheel load at A: w, = Load per foot of arch = (0.686)(1)
2 ft<Fill <8 ft w; = 0.686 k/ft/ft width

h = 2831t

wL = 1.75h = (1.75)(2.83) Wheel load at B:

wL = 4.95ft Fill <2 ft

E = 4+006s <7ft
E = 4+ 0.06(45)

E =67t
16

Py = —
87 67

Pg = 2.39 k/ft width



Wheel load at C:
2 ft<Fill <8 ft
h=283ft
wL = L75h = (1.75)(2.83)
wl = 495 ft

—

4k 4k

Al

‘p. 20 Yo Biag

/
» , 1
2.83
; Y ¥

/ =7
4,95 4.95'

- bt}

00
-

Cross-section at C

Loaded area = (4.71)(4.95)

Loaded area = 23.31 fi®
Wheel pressure = L
23.31

Wheel pressure = 0.172 k/ft®
wy = Load per foot of arch = (0.172)(1)
wy = 0,172 k/ft/ft width

Mu. = 3.24 fi-k/ft width

My = Maximum theoretical live load moment at crown of
arch  due to rating vehicle

Py = 5.38 k/ft width

P, = Maximum theoretical axial live load at crown of
arch due to rating vehicle

Vehicle Type 3:

88C

SN

VL

45

Wheel loads at A and B:
Fill<2ft

E = 4+0.06s = 4+0.06 (45)
E = 6.7ft

85

67
1.27 k/ft width

P,\ =
Pa
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Pa = 85 My = 2.21 ft-k/ft width

Y Pu = 4.40 k/ft width
Pg = 1.27 k/ft width

Capacity:
Wheel load at C: Assumed average eccentricity of axial load on the arch:
2ft<Fill<8ft M, +M, M, +M,
h = 321 ft P AP Sy \ PP o
wL = 1.75h = (175)(321) eavg* = i
wL = 5.62 ft 2
. ((3.244-11.03)(12)) + ((2.2l+11.03)(l2))
67 5.38 +64.05 4.40 +64.05
l‘—6-'67—"| €AVG = 3
r8 k "8 k / 247 + 232
' ¥ eavg = —————
T : N
/ , \ 7{ P, = 283 k/ft width From column interaction
.62 ||, 562 | M, = 57 ftk/ft width diagram
. Rating:
Cross-section at C REUnE
RE. = P, — YoPu  OM, - Y My,
[

Loaded area = (5.62)(5.33)
Loaded area = 29.95 ft?
8

29.95
Wheel pressure = 0.267 k/ft?

w; = Load per foot of arch = (0.267)(1)
w; = 0.267 k/fv/ft width

Wheel pressure

= or
Y. Pu(l + 1) YT Ml +1)

1.2

1.3

0.1 (Good condition)

= (.70 (Good condition, no redundancy, careful
inspection, intermittent maintenance)

Yo
M
I
¢

*For analysis purposes, the eccentricity in the arch is assumed constant for all load cases.



Vehicle HS20:

Axial Load:
RE. = (070)(283) - (1.2)(64.05)
¢ (1.3)(5.38)(L.1)
RF, = 15.76

Rating = (15.76)(36) = 567 T

Moment:
RE, = (0.70)(57) - (1.2)(11.03)
(1.3)(3.24)(1.D
RF, = 5.75

Rating = (5.75)(36) = 207 T

Vehicle Type 3:
Axial Load:
rE, - (©70)(283) — (12)(64.05)
¢ (1.3)(4.40)(L.1)
RF, = 19.27

Rating = (19.27)(25) = 481 T

Moment:
RE. = (O70)ST) - (12)(1103)
¢ (13)221)(LD
RF, = 8.44

Rating = (8.44)(25) = 211 T

Rating Modification:

RFy = RFK

Factor K, :

Ko = == -1

€¢

Axial Load and Moment Due to Test Vehicle:

(All reactions determined using structural analysis

NN,

(B)

(_?4.53. 14.5' ?

e * 3
(=)

o [ e

0.75' 0.5

VoLl

45’

Wheel Joads at A and B:
Fill<2ft

E = 44+ 0.06s = 4 +0.06 (45)
E=67ft
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p, = 1085 wi = Load per foot of arch = (0.310)(1)
AT e wy = 0310 k/ft/ft width
P = 1.62 k/ft width
Mr = 2.80 ft-k/ft width
P. = 10.85
8= 6.7 My = Maximum theoretical live load moment at
Ps = 1.62 k/ft width crown of arch due to test vehicle
Wheel load at C: Pr = 5.22 k/ft width
2 ft < Fill < 8 ft
h = 3.04ft Py = Maximum theoretical axial live load at crown
wL = 1.75h = (1.75)3.04) of arch due to test vehicle
wl. = 5.32 ft
Theoretical Stress/Strain:
6.67' (Analyzed as an uncracked section)
o

83k 83k

L
i I. / I ‘%:b
#, Ariny” I

q-— E“LPT
- ¢
€

R R R L
/ / 4
5.32' 532
Cross-section at C E;
E.
Loaded area = (5.32)(5.04) n
Loaded area = 26.81 ft?
Wheel pressure = ———8'3
2681
Wheel pressure = 0.310 k/ft

162




Transformed Section: Concrete Stress/Strain:

-(2n - DA G. = Py + M.,y
‘%":" I{ ¢ ATQT 1:
L _ § NA. o, = (5.22)(1000) . (2.80)(12)(1000)(5.62)
4 5.5" 1452 1,491
% Cl 6. = 163 psi
12 (n - DAs o,
€ = B
Transformed Area; . .
Atop = (2n- 1)A, = ((2)(8) - 1)(0.60) & = Calculated theoretical strain in concrete
= 00in2
Arop = 9.0in. . 163
Apor = (n- )As = (8 - 1)(0.60) 3,600,000 8
Agor = 4.20in.2 & = 4.53 x 107 infin. ®
Ator = Atop+ Apor + Aarcr = 9.0+4.20 + (11)(12) €r =8x 10 in./in.
Artor = 1452 in?2

&r = Strain produced from test vehicle
Location of Neutral Axis:

— H _5
y = 5.62in. K,,=£5-~| =——-—-——-—4‘:3xu;2 -1
£, X
Moment of ;rl\!e;rtia: K. = 4.66
= 2
I = 12 +Ad Factor K, :

— i 4
I = 1,491 in. Ky = KpiKepaKes

.a. .'. é.(‘. :.é.e‘i‘{.!.s.;.i's.l. s.:. e. i.!.i.f.é.t.!‘i.t.t.i.(.(.l.i.f.(.{.(.{.f.f.(.(.{.t
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Vehicle HS20:
Ky =M

w M, (1+1)
T _ 280
W (3.24)1.1)
T oom
W
K, = 1.0

Member behavior can be
extrapolated to 1.33W for
T/W > 0.7

Vehicle Type 3:

bl

I __ M

Vo M (d+]
T 2.80
W Q2111
T

W

115

~

bl = 1.0

Member behavior can be
extrapolated to 1.33W for
T/W > 0.7

SR A SN A A S 2 A 2 A 2 G A A S S S S A A R G

K,;: 0.8 Routine inspection
between 1 and 2 years

K,y: 0.9 Fatigue does not
control, no redundancy

Ky
K,

(1.0)(0.8)(0.9)
0.72

RF; = RF(1+KK,)

Vehicle HS20:

RF; = (5.75)(1 + (4.66)(0.58))

RF; = 21.29

N

Rating = (21.29)(36) = 766 T 3
Vehicle Type 3:

RF; = (8.44)(1 + (4.66)(0.72))

RF; = 36.76

Rating = (36.76)(25) = 919 T




Table B.6. Bridge VI: Rating Summary:

Vehicle HS20 Vehicle Type 3
AASHTO LRFR Modified Rating AASHTO LRFR Modified Rating
RE, R(tons) RFy R(tons) RF, R(tons) RFr R(tons)
Arch 5.75 207 21.29 766.4 8.44 211 36.76 919

v6¢




